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STRENGTH OF REINFORCED CONCRETE BEAMS» 


“Sidney A. Guralnick,! J. M. ASCE | 


- “Shear failure” of concrete beams is recognized as the failure under com- 
bined compression and shear of the concrete above a diagonal crack. Ration-_ 
al interaction equations for the failure of plain concrete under this stress — mS 
combination are developed on the basis of Mohr’s failure theory. _ For the 
equations to be applicable, the strength of the particular concrete in direct a 
compression as well as in direct tension must be known. The latter is de- 7 
termined  Satisfactorily f from the modulus of rupture, ‘The equations are used 


forcement. A tentative extension is made to web- reinforced beams. he’ ~ Numer- 
ous tests are cited which show satisfactory agreement. (The paper is a con- . 


densation of a doctoral dissertation prepared at Cornell enter ‘the 
direction of George — we 


INTRODUCTION 


__ Ree Recent interest it in ultimate-load methods of design both in the Ui United States . q 
ultimate strength of reinforced concrete beams. problem of predicting 
the behavior and load at failure of reinforced concrete beams which fail in 
flexure has been largely s solved. Such is not the case with regard to beams A 
which fail in shear. number of recent papers(24,2 27 ,28,29,30,31,32,33) on 
this subject have explored various aspects - this problem; however, a defini- a 

tive general solution remains to be attained. 
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it is is the object of this paper to examine some basic aspects of the problem 


of shear strength of reinforced concrete enrgs with a view toward laying the 
In particular, a theory is 
veloped for the shear strength of beams with ‘ete webs which is based | on 
_ the material’s properties and geometry of the beam. The theory is considered red 
to have possibilities for extension to the case of beams having reinforced 
‘webs. ‘Test results from twenty- -one beams with plain webs and eight beams 
having vertical stirrups as web reinforcement were compared with values he 


Notation 
= = Cross-sectional area of tension oii 
=  Cross- “sectional area a of shear reinforcement. 


= - Distance from | plane of nearest concentrated load to plane of 7 


= - Width of rectangular beam or flange width of Tee- ‘beam. 


= ‘Stem width of Tee-beam. 

_ = Total compressive force acting o on the cross-section of a beam. 


= Length of horizontal projection of major diagonal -te tension crack, 
= The effective depth, distance. of tension rein-— 
= forcement to compression edge of beam. 


= Ani experimen itally determined 
= Principal normal stresses. Fens 


= = Yield of the steel. 


* Yield strength of the web reinforcing steel. Jacke 


= Horizontal force acting on a given cross-section of a beam. 
= Horizontal dowel force acting on a given vertical stirrup. 


= Moment of inertia of the gross section. 
- Ratio of arm length of internal couple of flexural re 


moment to effective depth, 


Constants which relate the shearing an and c — stresses” 
in 1 the “compression zone” of a reinforced concrete ~~ 


= “——ae which define | the flexural compressive stress distri- 
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ment tha, 
= Moment at failure in shear of a beam with plain web. _ 
= Moment at failure in shear of a beam with web reinforcement. e ; 


rcement 
= First statical moment of the area. 
ee force at the support ofa a beam. 


pep 

= web ratio = 


Resisting | shear ‘Supplied by th the compression concrete. _ 


at which the first diagonal -tension crack forms. 


= Resisting shear by reinforcement 
— 


“Resisting 5 Shear supplied by the the ‘web b reinforcement. 


Vea - Tensile force acting ona given stirrup. 
= Calculated shear resistance of of beam expected to fail in 


Shear stress acting ona given plane of ofa element. 


Actual shear stress at of a material subjected a 
“pure shear” state of stress 

= = Predicted shear stress at failure of a material ry toa 


“pure shear” ‘state of stress. oc) 


Greek | 
Ratio of tensile to compressive strength 


An experimentally determined constant. 
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Materials” Properties of Plain Relating to the Shearing 


of Reinforced Cone reteBeams 


< Failure in shear of a reinforced concrete beam is assumed to occur in 

two stages. First, an inclined crack or cracks form in the web of the beam — 
- : (such as zone A of the beam of Fig. la) either as a continuation of existing 
flexural cracks or independently of any existing cracks. These inclined 
, cracks are usually termed “diagonal - -tension cracks.” ” Second, a region of i - 
the compression concrete immediately above a diagonal-tension crack (such | 7 . 
as zone B of the beam of Fig. 1a) fails either by crushing or by a prolongation — 
ofa diagonal- tension crack entirely through it, causing a sudden destruction 
_ of the carrying capacity of the beam. Considering a beam with plain web . | 


as the one shown in Fig. la, the distribution of forces at failure in shear is 

assumed to be as given in Fig. 1b. ¥ It may be observed from Fig. 1b that is 
concrete of zone B is subjected to a combination of shearing and compressive 
forces. Furthermore, the load causing destruction of the beam in shear is - 
seen to be determined by the resistance of the plain concrete of zone B to i» 


stress pattern consisting of combination and normal com-— 


stresses. 

"Strength of Plain Concrete Subjected to Bi-axial Stress. 
_ The question of the strength of plain concrete subjected to a bi- axial 01 or _ 
trie axial stress field has been investigated by numerous researchers. (2,4,5, 7 
«6, 13,18,19) One of the earliest theories developed was Mohr’s rupture theo- 

ory. (15) _ The basic postulate of Mohr’ s theory is that failure occurs by “slid-— 


ing” or “slipping” on a definite plane* within the material and that at failure 


the normal and shearing stresses on this plane, v and f, are connected by a 7 


characteristic of the mate terial (c.f. ger (12) ). This relation v = F(f) 
be represented by a a curve (see Fig. 2) drawn on the coordinate plane as the 


locus of the points P (f, v) defining the limiting values of the normal and _ 
shearing components of stress in the planes « of rupture | under t the different 


| 


“represented in n the f-v coordinate plane | by three circles (i. e. Mohr cioclea) 
which cross the f-axis at the points (f,, 0) , (fo, 0) and (f3, 0 0) where fi, fo | and 

fz. are the ‘ “principal stresses”. An assumption of the Mohr theory is that the © 
intermediate principal stress, fo, has no influence on the failure of a materi- 
al; thus it is sufficient to consider only the outer stress circle which has e 

_ intercepts on the f-axis at the points (f1, 0) and (f3, 0). This circle which is 
_ tangent to the limiting curve v = F(f) at the point P(f, v) is } the one circle, out 


Often called the “ att of rupture” or “slip plane”. 
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Bl Be on aig _ the state of stress at which failure occurs at the prescribed values offandv. _ 
The limiting curve is the “envelope” of all outer principal stress circles _ 
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representing failure ‘States | in 1 the material and the , points of tangency of — 


ust have coordinates f and v — 
represent the normal and shearing stresses in the plane of rupture.* — ot : 
The validity of the assumption that the intermediate principal stress has r 
no influence | on the failure of a material under triaxial stress has been seri- 7 
ously challenged. Experiments by von Karman, (13) Richart et al.(18) and Ros. 7 
and Eichinger(19) among others, have shown that failure in brittle materials 
_ (such as marble and concrete) subjected to triaxial compression is definitely 
influenced by the magnitude of the intermediate principal stress. "Although 
the use of Mohr’s theory in the case of three-dimensional stress is therefore : 
open to question, no experimental evidence has been uncovered so far 
: would cast doubt on its applicability to the case of two- dimensional s' str " 
Indeed both from the simplicity and clarity of its physical reasoning, Mohr’s 
theory seems to be the most satisfactory strength criterion so far proposed 
to apply to plain concrete subjected to two-dimensional stress. Since 
_ stresses in beams are two-dimensional, the application of Mohr’s theory to. ; 
the problem of predicting stresses at failure in the compression zone of rein ae 


4 forced concrete beams seems | reasonable | and it will be so taken in this p paper. 


*Hereinafter called envelope, E. 


See Nadai, (15) page 215. 
***See Balmer, (2) (3) Caquot, (8) Cowan, () Gu Guyon, (10) Pernot, 
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; concrete beam usually + vary along the length of the beam between two limiting — 
i states of stress: one extreme being “pure shear” (f = 0, v = Vmax) and the 
2 “pure compression” (f = = fmax; | v= 0). _ Referring to Fig. 3 the state of 


ae C4 with circles C2 and C3 as limiting cases. _ The problem then is: (a) to de- 
a termine the shape of the envelope, E in the region between circles Co and C3 
. and (b) to determine relationships between the normal and shearing stresses | 
which would allow one to predict the load on the beam which would mace _-* | 
failure to occur in the concrete compression zone. 
= There is a considerable amount of research reported on the question of the 
‘shape of the Mohr envelope for concrete. Professor Mohr himself proposed ix 
f. Timoshenko (21)) the line as an envelope. Caquot(6) proposed 
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which: was obtained by a “least “squares” mapas of his is very extensive* test 


f,= O.OO5If, 2 430 day- old ‘concrete ) 
for 90- -doy- old -conerete) 


In his text, “Le Beton Arme', ” Pernot(16) proposed an equation of the form 
of a semi- ~cubtcal | parabola for the Mohr envelope for concrete: | 


1 
and Leon(14) chains the u: use of a simple parabola for the same gunpeee: . 


In all of these equations it to evaluate at two 
_ terms of physical properties of the material obtained from tests. In the case © 
of the concrete in the compression zone ofa was & shown earlier that 
the limiting stress circles are the circle of “pure shear” and ‘pure 
- Pression”; consequently it seems logical to try to base the Mohr envelope 
equation « on the “pure shear” and “pure compression” strength of the concrete 
: as determined by tests. The drawback to this approach is the difficulty, if -_ 
ui _ not impossibility, of devising a procedure for making a “pure shear” test on 
a a specimen of plain concrete, The only ‘Satisfactory procedure so far pro- - 
posed consists in ‘subjecting a specimen in the shape of a long, thin hollow 
cylinder to torsional loading. Obviously, this procedure is unsuitable for the 
needs of construction practice in which it is required that large numbers o 
= samples be tested with the simplest possible equipment (preferably portable 
_ equipment) operated by semi-skilled or sub-professional personnel. In order 
to overcome this difficulty the researchers cited above, among others, ee 
proposed the use of the uniaxial tension test in place of the “pure shear” test. 7 
Thus it is concluded that the two physical constants of concrete that are to be - 


used in determining an equation fo: for Mohr’s sit acai are the tensile ee 


the strength. 


As 
_ the tensile strength of a plain concrete specimen. One of two troubles arises 
in this field: either the specimen fails in the grips or the procedure is so 
i - complicated and costly that it is not suitable for adoption by the construction _ 
a industry. _ In order to avoid these two problems, indirect tensile tests have 
: _ been devised. The most recent of these is the Azakawa splitting test. (1) This 
. test consists in loading a standard cylindrical peemen on its side as — 


ty in which Pp is the total load a’ at rapture, 4 is the diameter sat t L the lengthof | 
: Tees test may be rns in the same testing machine and | 


< 


4, 
4 
4 
q 
.* 
| 
i 
*Over 50 specimens were 7 


test. The only difficulty lies in the requirements that the sides of the speci- _ 
men must be perfectly straight and parallel as must be the loading ey 
; the testing | machine. These requirements are such as to make this test rather _ 


3 the same size cylindrical ¢ aqpecimens a as used in 1 the standard compression 


unsuitable for field practice but it still remains a very useful research tech- 
The oldest, ‘simplest and hitherto most widely accepted indirect method for 

Spr etecn tensile strength of concrete is the flexural modulus of rupture test : 
iw. S.T.M. Standard C- ~78). The procedure consists in subjecting a plain 
aan prism of square cross-section and length equal to three times its 

width to third point loading as a beam. Such specimens fail in tension when 


_ the stress gave most highly stressed tensile “fiber” reaches the ultimate 


oo pews 
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um pe stress at the failure load calculated by the well- 


— ion th the assumption of a straight- -line stress-strain diagram. Now, ‘it is 
Bene known that the tensile stress- omy diagram for concrete is not a 


, 3 closely resembles a scaled-down version of the compressive stress- strain 
diagram (c.f. Schuman and Tucker (20)). Consequently, the quantity — 
= overestimates the true ultimate stress at the outer fiber since no— 
_ assumption of plastic redistribution of stresses is made in the derivation of 
Eq. (7). Fortunately, there seems to be a simple relationship connecting the 
‘flexural modulus of rupture, and the true tensile ft. 


with e, of the range, 1.8 <e, < < 2. 2. The. constant is influenced by the 

of loading, shape of the specimen* and type of concrete.** However, for the 

usual 6" x 6" x 18" specimen subject to third point loading (which will be 

hereinafter denoted the “standard flexural test ”) and for the usual concretes — 

found in American construction practice, ey may be taken as approximately 7 


is not generally applicable. Ifo one defines the ratio a= = fi/fo 
range ofa can be: 


‘This indicates tl that tensile strength, 


3 


‘The major ene Of th the argument of this paper can b be weneretn as 


** Azakawa(1) for example, has found from his tests that e; = 2.15 while 
results reported by Gonnerman and Shuman(9) indicate that e; can be ken! 
| 


*** See Guyon.( (10) 
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oct 8 [ From investigations made by the author, (54) it has been found that the usual © 

a! For usual concretes (say 2000 psi < f, < 6000 psi), the range of a iss - 

| is an independent property of the ma- 
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(a) Mohr’ ; strength is to be to the problem of 
predicting the combination of normal and shearing stresses which will — 
cause rupture in the concrete of of the zone of a reinforced 
_ (b) The two physical properties of ienueie which are sufficient to de- a 
_ termine the Mohr envelope ar are the compressive strength, : 4 » and the 
Tensile strength may be evaluated by means of the 
te lus of rupture test and if the “ “standard flexural — is a the — 


; This approach is novel to pr previous American practice in . that it: is " 


predicated on the specifying not only the compressive, but also the 


tensile strength of concrete. 


= 
= of an Interaction Equation for Predicting the Strength of Plain 7 
a _ The 1e problem now remaining is to ascertain the shape of the Mohr envelope 
in the region between the circle of pure tension and the circle of pure com- 
pression. Specifying a shape of the envelope in this region leads directly to i 
the specification of a value for the pure shear strength, v , and to relation- ro 


_ ships which govern the interaction of shearing and normal stresses at — 


The curves of an any of the above in between 
and Cg of Fig. 3 are quite flat, so much so that it appears justifiable to as- 
sume that the envelope in this 5 region may be be approximated by two o straight — . 
lines tangent to the circles Cy: and C3 (i.e. curve E of Fig. 5). Iti can be seen ree 
from Fig. 5 that this approximation is somewhat conservative since the curves 


_ by the two straight lines in the region between circles. C, and Th 

_ approximation of the Mohr envelope by two straight ieee has also been used 
by Cowan(7) and Rausch. (17) It should be noted that a straight | line approxi- 
q represented by circles such as Cs which lie outside the range between circles — 
C and C3 (compare circles C5 and C5 in Fig. +5) since the “true” envelope is 
_ probably like curve E' in Fig. 5 instead of the > approximation denoted E in that — 


: - If the shape of the Mohr envelope in the Tegion between circles Cy and Cg © 


f Fig. , 5 is taken to be a straight line, one can proceed to develop a simple | 
analytic expression for the interaction of the normal and shearing stresses at a 
in the compression zone of a reinforced concrete beam. 
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OC=0B-8C= -f)* 


E=qcot 


=(0G+0E)sin@ 4 


_ Equating the expressions for Dc of Eqs. (a) « and ( (a) and substituting for Oc 
and OE the values given for them in Eqs. (b) and (c) respectively one obtains: 


, the following relations may be deduced — 


- “us 4 


Eq. is the. of an in f and v, and it is 
evaluate its constants to the ‘ “standard form”. Referring to Fig. and 


* the following enpressions 


On substituting Eqs. (11) into Eq. (10) and by suitable re- arrangement of 
terms one obtains the ‘ “standard | om ” of the equation of an ellipse ewith 


exa | ft = -300 fh = +3000 ps psi. 


q 


constants of Eq. (10) may be derivet 
=~" 


ay 
Eq. (12) may be transformed into a true “interaction type” equation by chang- 
cto the variables from f and v | v to f/f. and v/Vo in which ft. is the strength of 


the concrete — to pure’ and is the of concrete 


if one assumes a straight- -line Mohr envelope between the pure tension and 
| a pure compression stress circles. By a suitable re-arrangement of the 


_ of Eq. (12) and using Eq. (13), the following equation is obtained: _ 


fs - 


may Wat: simplified by the of the constant 


= = or @= |/ | to become: 


ff 


owt One may observe that the only parameter governing the family of curves 


‘whose equation is given by Eq. (14a) isa, the ratio of the tensile to the com- 
pressive ee | This one parameter family of ellipses is plotted in Fig. 8 


these values encompass anticipated range ‘considerable spread 
in the interaction curves of Fig. 8 serves to emphasize the eee of bas- 
ing shear strength not only o on n compression 
also on the tensile strength, 
Comparison of Test Results: with | Interaction 
Two comprehensive repose of experiments on on plain c concrete subjected to 
= pure shear and/or to shear plus compression which may be used to test the | 
by! the theory | are those of and of Bresler and 
--Pister. (4 


pression, flexure, tension and torsion tests on plain concrete specimens. The — 
ps _ torsion tests were performed on solid cylindrical specimens and yielded data > 

on the behavior of plain concrete subjected to a pure shear state of stress. 
This on er strength at failure, Vos has been with predicted 
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values for shear strength calculated by means of Eq. (13). This comparison — 

is given in Fig. 9 in which v,* is the actual shear stress at failure for a par- 

ticular specimen and Yo is the predicted shear stress at failure calculated by 
_ means of Eq. (13). It is apparent from I Fig. 9 that the values for shear a 
_ strength predicted by Eq. (13) are in reasonable agreement with the test re- 
sults and are conservative (which, in view of the many uncertainties inherent _ 
ia the problem is not prejudicial tothe theory) | 

Bresler and Pister’s series of tests were on hollow cylindrical menetnens 
_ subjected to a combination of axial and torsional loading. They have proposed 

the following as giving a ‘lower limit” for their 


empirical can be with th the theoretical interaction 
(Eq. (14a) | by making certain transformations. Bresler and Pister 
found that the pure shear needa of their specimens could be « described by 


= 


ie Eq. (16). is used on : the right hand side of Eq. bmg 


fo 


representing this equation is drawn in Fig. the “inter- 


: action” curves for values of a equal to 1/12 and 1/15 have been drawn in this » 
4 figure for purposes of comparison. It can be seen that the curve of Eq. (17) P 
: lies } exactly midway between the two theoretical interaction curves. Since the 
F average ratio, a, of the tensile to compressive strength of the concretes —_— ' 


- in the Bresler-Pister report is 1/13.4** or midway between the values of 
, F 1/12 and id 1/15, the test curve is seen be in satisfactory agreement with 
. In view of the reasonable agreement between experiment and theory for the 
specimens cited ‘it is concluded that the “interaction” equation 


“developed int this paper reasonably and shiiaeiagnie describes the behavior 
ofa plain conc rete member toa of and 
+The of v Vo by | Gilkey were ‘ “adjusted” by him to compensate 
for the non- ~lineat shear stress distribution | which in the test ‘speci- 
= ratios a ranged from about 1/13.1 to 1/13. ce 
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andv.givenby 

he following equation 
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Failure in shear in reinforced concrete beams of normal proportions oc- 
curs in two stages: First, an inclined crack or cracks (usually called 
_ “diagonal - tension c cracks) form in the web of the beam in a zone such as zone 
A of Fig. la at a load below the ultimate. This crack or cracks | may form at 
_ the top of an existing vertical flexural crack or independently of any flexural — 
cracks. Such cracks usually extend themselves both ways | i. e., toward top — 
and bottom of the beam) as loading « on the beam increases. The second and 
ultimate stage occurs when the compression concrete immediately above a 
diagonal-tension crack (i.e. the concrete in a zone such as zone B of Fig. ‘ 
fails. Failure of the compression concrete may take the form of the so- ~colled 
_ “shear compression” failure in which only simple crushing is apparent in the 
compression zone or it may take the form of the so-called “diagonal - tension” a 
. ‘ failure which occurs by prolongation of the diagonal- -tension crack | entirely | oe 
‘through the compression zone and from bottom to top of the beam. In this 
paper, no distinction will be made between a “diagonal-tension” and a “shear- 7 
compression” failure. ’ Both types of failure are considered to be | one and the — 
_ Same except that they exhibit different modes of rupture of the compression ~ 
7 . concrete in the critical zone above a diagonal-tension crack or cracks. aol 
is, both types of failure are really only different manifestations of a failure | 
: in the compression concrete (this failure being governed by the “interaction” — 
equation developed in the preceeding section). i> 
beams without web reinforcement, the diagonal -tension crack causing» 


failure may, on reaching the level of the longitudinal ‘steel, turn toa hori- — 

= plane and result in a phenomenon known as a “splitting” failure. (See 
It is assumed in this paper that this is a seconfiary emMect 

and that the shear carried by the longitudinal steel (Vp in Fig. 1b) may be 

_ neglected in calculating the shear resistance of a reinforced concrete beam. Nd 


_ The basic assumptions made in this paper in regard to beams wale in _ 7 


be oe in the web of the uncracked beam (i.e. considering the full ; 
cross-section as resisting the shear). | 

(3) Rupture of the compression concrete in the critical zone immediately _ 
above a diagonal-tension crack is governed by the ‘ interaction” formu- 
da, Eq. (14a), which is based on Mohr’s rupture theory. 


(4) The average shear stress in the ae megs zone at failure 
can be taken as: 


because the concrete below the neutral plane cannot sustain shear _ 

stresses at ultimate load in view of the presence of numerous flexural 


im | 


— 


Ja Elements ory for the Shear Str | 

4 

| 
| 
| 

7 
“a 
| 

q first diagonal- | 

— 

— 
* 
rt 


‘CONCRETE BEAMS 


(5) The normal stress distribution in the critical compression zone is as- 


sumed to be as given in Fig. ‘11 with the constants ky, ‘kg and Mone given 
_ by the following equations taken from Reference (11): a - 


“80,000 
-3900+0.35f 
Utilizing the above basic assumptions, th ‘the next few sections ‘proceed with 
the development of the theory. 


"Formation of the First Diagonal-Tension C 
i e e sion ac 


df Since a shear failure by definition cannot occur before the formation of the : 
_ first diagonal -tension crack, it is necessary to have some means for a 


: _ problem | is s toa argue ‘that the shearing stress which c causes the first diagonal- 
_ tension crack to form is that stress (based on the gross concrete section) at . 
1 =—-™ failure in pure shear would occur according to Mohr’s rupture theory. ke 
Such an 1 assumption is fairly justifiable in most cases since very little — 

_ cracking occurs to damage the beam before the first diagonal -tension crack — 

appears. The equation for the shearing stress, Ver, which | which the 


/ diagonal - tension crack to ; appear can be | taken as: ne, 
max 


_ the centroidal axis, about the centroidal axis; te is the moment of etter 

of the gross concrete area and b is the thickness ofthe beam webatthe ~~ 
: __centroidal axis. The shear stress, vj, is the predicted stress at failure | of a a 

plain concrete member subjected to pure shear. This stress may be predict-_ 


rh ed according to Eq. (13) based on Mohr’s theory, that is: 


One may that the onear, Ver) causing the first diagonal - tension crack 
will be conservatively predicted by Eq. (20b) since | it was shown in Section IV 
that Eq. (13) is also on the conservative side. 
| 


Beams with Plain Webs 


4 Considering the free body diagram ‘ad Fig. ‘Ib, the for the 
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and equating C given by Eqs. (21) | and (22) and ata for f one ne obtains: .? 


shear stress at t failure by the equ equation: 


Piles 


a One of the k,,’s in Eq. (23) may be replaced by the expression given | by 
Eq (24) to yield the equation: 


~ which may be ermal transformed by introducing the « constants or Vo as: a 


and si ubstituting it in Eq. (26) one one obtains the x - 


ties v/Ve and f/f, is obtained which can be combined with the interaction 
oie ‘equations to yield information on the shear strength 1 of reinforced concrete =a 
beams. A procedure that may be used to predict the . strength of a ‘given 


the constant Kp u using the materials’ properties and pro- 
portions 


(2) Plot by ‘straight- -line graph of Eq. (28) on the interaction curve dia- 


(3) the interaction curve which has ratio of tensile to 
oo pressive strength, a, , as the concrete of f the given beam and o obtain the 
——— Saondinates of the point of intersection of the straight-line graph of 

Eq. (28) with the proper interaction curve. The coordinates of the point 


= of intersection are the ratios v/Vo and t/fg which give the average vies ; 
stresses on ‘asad critical compression zone in the beam at failure. Once’ 
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the ratio v/v vy is known, one can easily compute the maximum shear stress, 
, that the critical compression zone can resist b by using: wa: 


sit has tacitly in development that the maximum 
: normal stresses in the critical compression zone are high enough to be in > 4 
the inelastic ¢ or “plastic” range thus giving rise to the stress distribution . 
11. If on obtaining the coordinates of the point of intersection Pon 
‘Fig. 12 fora given beam one finds that the ratio f/f, . is less than about 0.5 to a 
0. 1, one must assume an elastic (i. e. triangular) distribution of normal stres-_ 
ses in . the critical compression zone. In such a case a derivation entirely — 


- similar to the above could be carried out and would result in the following a 


in | which, 


that differences in the setios eae and f/f, obtained by using the two inet 
constants K, and Kp for the same beam are not more than five per cent of the 
respective values. Consequently, for design purposes the refinement of the 


first trial calculations by using Ke in place of Kp | for the second trial is ma | 
ad In addition to allowing one to compute failure loads for beams failing in 7 : 
7 shear, some qualitative conclusions can be drawn from the foregoing theory. 
7 _ ‘Firstly, the interaction curves of Fig. 8 indicate that for a given vo and f, the 
shear stress, v, at failure attains a maximum value when the. compressive as 
_ stress is approximately 0.5 f, and that there is a marked fall-off in the v- 
on either side of this maximum value. Consequently, one can infer 
critical locations, for possible shear failures in a reinforced concrete 


beam occur at positions where there is high shear but no moment (i. e. near 


an end support or ata ‘point of contraflexure) or ata position where there is 
- ‘high | shear and high moment (i.e. under a concentrated load or at an interior - 
if _ support). It should be noted, however, that in tests shear failures do not ong : 


near even though this is a possible critical location be- 


beam in the neighborhood of the support which serve to increase the shear re- jo 
"sistance of the concrete, ‘Secondly, since Ke and Kp 


are inversely proportion- 
al to M/Vd (see Eqs. (20) and (28)), beams with high M/Vd ratios have low 
= Ke and Kp and vice versa.* From Fig. 13 it may be seen that beams 


_ with K- values of about 4.0 to 5.2 have the are shear stress ratios, ,v/Ve, — 


*For beams of usual Ke or Kp of 5. 0 corresponds to an M/Vd 


= 
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at rupture, while beams which have K-values less than 4.0 have correspond-— : 
ingly lower v/Vo. ratios. This means that, for a given Vo, , above a certain 
low value of M/Vd (approximately 3.0 for beams of usual proportions) the © 
; shear stress v at failure decreases as the M/Vd ratio increases. Lastly, it 
; may also be seen from Fig. 13 that there are considerable differences between — 
the points of intersection with the various interaction curves of a line with - 
_ slope K = 3.0 or 4.0, while for a line with a slope K = 1.0 or less there are 
hardly any differences between the various points of intersection. . Thus for 
beams with a low M/Vd ratio (i.e. having a K-value of 3.0 to 4.0 or larger) ® 
the ratio of tensile to compressive strength has a strong influence on ultimate 
_ shear strength. Conversely, in beams with high M/V4d ratios (i.e. with K- a 
; 4 values in the neighborhood of 1. .0) the ratio a has an insignificant influence a 


a* 1 ultimate shear strength. Thus, one may conclude that ultimate shear ‘strength 
24 


y _ theories which are based on ‘the compressive strength 1 of concrete, .. alone © 
may be quite valid for beams with high M/Vd ratios (say of the order of 6. 5 
a 7.0 or larger); yet it is quite clear that they cannot adequately predict the 


ultimate shear ‘Strengths | of beams having low M/Vd ratios (of the order of 
3.0 to 6.5). For such beams information on the tensile strength, fi, is seen to. 


_ Some | conclusions concerning the shear strength of Tee-Beams relative to 
that of rectangular beams having the same web thickness may also be drawn 
on the basis of the foregoing theory. _ For beams with high M/ /Vd ratios (say 
_M/Vd > 6.0) or, in other words, with low values of Ke or Kp (say K = 1. 0), 


the Tee-beam should have a higher ultimate shear strength than the gonee~ 


sponding rectangular beam. This is so because the smaller normal com- 
= _ pression stresses in the flange of the Tee-beam cause its K- value to be some- 
larger than that of the corresponding rectangular beam. Referring to 
mi. Fig. 13 it is obvious that a substantial increase in the K- value (say from 1. 0 


maa ©  ~—s- $e 3) produces a considerable increase in the ultimate shear strength of the 
| = beam. On the other hand, for beams with low M/Vd ratios (say M/Vd < 4. 0} 
b or, in other words, with high values of the constant Ke or Kp (say K > 4. 0), 


7 ‘ the Tee-beam should have a lower ultimate shear strength that the corre- Z 
7 sponding rectangular b beam. . In this case the fact that the Tee-beam has ae 
_ larger K-value than the rectangular beam causes a drop in the v/yir ratio. 
7 Fig. 13 indicates that some drop in the v/Vo ratio is to be expected if K is 
changed from 4.0 to 5.2 for interaction curves having &-values of (1/15 or 
¥ _ less. An experimental confirmation of this phenomenon c can be found in a 
report by A. F. Al-Alusi.(24) Two Tee-beams of his test series with M/Vd _ 
ratios of 3.45 and 3.96 were tested in an inverted position and thus acted as ; 


rectangular beams | since the flanges | of the Tees were in tension. It was found 
that these beams failed in shear at significantly higher, (approximately thirty 
per cent higher) loads than corresponding specimens which were tested in the 
normal position. % _ The K-value for the above two test specimens acting as 
rectangular beams was approximately 4.0 and their tensile to compressive " 


Strength ratio, a, was approximately 1/18. From Fig. 13° it can be seen that 


a 


4 
curve e at just about its apex. Consequently, the Tee- beam companion test 
specimens with their larger K-values must necessarily, according to the 


theory, have a lower ultimate shear strength than the rectangular beams. /4 i 


_ Thus, the foregoing shear theory gives a rational explanation for a mse of 
‘Paradoxical situation in which beams with larger effective cross- ‘sections in 
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Considering that the state of stress - failure ona section out from the 


beam of Fig. la, (with vertical stirrups) is ; 
equations of equilibrium for the cut section may be written which 2 are ver. ery 
similar to those given by Sachnowski: (34) 


OW where the term 2V¢; stands for the sum of all the axial tensile forces. in the | 
stirrups crossed by a diagonal-tension crack, 


te 


16% 

the term stands” for the sum of all the horizontal shearing | (i.e e. 


wel) a. anne crossed by a diagonal-tension crack. 


-Kaks)d 


the 


The above equations are of insufficient number t to un- 
known quantities and thus to obtain explicit expressions for the contributions ~ 

of the | stirrups, longitudinal tensile reinforcement and compression concrete 

3 area to the total shear resistance of the beam. There is as yet little data re- _ 
_ ported in the literature - which would enable one to formulate the requisite 
number of additional conditions or equations for calculating the pertinent un- 
knowns. Dr. Royston Jones(30) has made an interesting experimental attempt 


beam between longitudinal steel, stirrups and concrete. — However, his investi- 
gation is a mere beginning on the problem. 


a In view of t the lack of data \ which would allow one to pursue the | basic ap- 


beams with web reinforcement to that of a beam without web 


| 
Pas 
an 
where the terms x,V,, and > y;H,, are 
4 
avove, was decided to Use an empirical equation develop d 
— 
— 


and it has been additional experimental confirmation by Dr. 
_Sones.(30) 
_ The quantity. Mg in Eq. (34) is ; the moment at failure in shear of a beam 
with a plain web while the quantity a is the moment at failure in a corre- 
_ sponding beam but with a reinforced web. Since the equations for the shear 7 
J strength of beams with plain webs have been developed interms of a shear, 
iz Ve, Eq. (34) will be transformed in terms of shears instead of moments at 
failure. _ For a beam with web reinforcement, the total shear resistance con- 
| sists of aterm giving the contribution of the compression co concrete and -: 
_ term giving the contribution of the 


The maximum shear in a beam under a given loading condition can always be 
_ related to the maximum moment in me beam | by a simple linear ‘relation of 


the form: 


10° 


Thus according to Eq. (37), the contribution of the stirrups to shear _ 
sistance, Vs; ,isa function of the contribution of the compression 


., and a parameter relating to the amount and strength (i.e. yield 
7 Applicability of the cae: Developments to Practical Beam i 


‘Treating the case of the ‘beam with plain web first, it may be observed that : 


the shear _ ae at the appearance c of the first diagonal-tension cracks, the _ 
shear V¢ corresponding to a failure in flexure and the shear Ve corresponding — 
failure the compression | concrete above a diagonal - tension crack must 


triple criterion for failure has been | developed. That is, three quantities— 


| 
all 
the 
: 

where m is a constant d | Then Eq. (34) can be 
transformed as follows: > 

(33) | -Using Eq. (35) and Eq. (36) one can obtain an expression for the contribution i 
of the stirrups to the total shear resistance of the beam from: 
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| be known before the mode of failure and the ultimate load may be predicted. 


‘The various possible modes of failure in terms. s of these three — 


1) Ve > Ve> : > Vor— in this case failure in shear occurs after the formation 7 
ofa diagonal -tension crack. The failure is an undesirable type from 
- the standpoint of structural safety since it may occur quite suddenly; — 

_ however there is some warning of structural distress in the he beam in in | 


VASE 


view of the prior appearance of the diagonal - -tension crack. 
Vor > > V-—in this case failure occurs by flexure since the diagonal 
_ tension ‘crack never has an opportunity to to form and substantially the 


cross- section of the beam resists shear so that has no mean-— 


Ver r> v. > V¢ in which i it is ‘clearly evident ‘that failure is 7“ flexure. 7 
ry hone of usual proportions, flexural failures occur by yielding of the 
tensile reinforcement and are quite gradual with een warning ‘ot 

3) > —in this case a very sudden failure in shear 
external shear reaches a value Very and a diagonal -tension crack 
forms and leads to immediate shear failure. _ This mode of failure is 
undesirable since no warning of distress is present prior to actual 

failure. The suddenness of this mode of failure is due to the fact that 

‘Ve will be exceeded before V cr has been reached. Thus as soon as Voy 
‘is reached and a diagonal- tension crack forms, the shear resistance of 

the beam drops down to the value V, and collapse occurs at once. a 

4) Ve eo Vf > Ver—in this case failure occurs by flexure just as in case 2 

mc above, ‘the only difference being that failure is preceded by the formation 

ofa diagonal - tension crack. This mode of failure has the same — 


ble features as that of case 2. we 


For beams with web reinforcing the problem of ‘predicting the 

failure and the ultimate load is somewhat simpler than for beams with plain 

§ webs. This is so because the shear Veer r at the “appearance of the first a 
diagonal -tension crack in beams with webs is usually 

; below the ultimate shear. Hence, diagonal cracks occur before the ultimate — 
shear is reached (except of course, in beams which are unusually weak in 4 
flexure) and thus Row plays no role in determining the mode of failure. In 7 
beams with reinforced webs, it is sufficient to compute Vtot by Eq. (36) and 
V_ from the ultimate flexural strength and compare the two results. If 

— Vtot > > Ve then the beam may be expected to fail in flexure with an ultimate 7 
‘shear equal to V¢ and if V¢ >  Vtot then one may expect a shear failure with an 


‘In the derivation of the various expressions for shear strength given in 7 
‘this p paper, it has been tacitly assumed that stresses in n beams at failure may a 
_be computed by the simple expressions: 


> 
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‘sarily carry over to the expression developed i in this paper for predicting 
: shear strength. The limitation occurs when a structural member passes © 
from the category of a beam (i.e. . it carries load primarily in flexure) to the 
catego of a diaphragm (i.e. it carries load primarily in shear or in direct 
compression). The proportions and the manner of loading determine whether 
a structural member acts | asa beam or asa diaphragm. it Since the the al 


diaphragm o or in the beam termine whether very low M/Vd 
a. ratio fall into the diaphragm category while those with high M/Vd ratios fall 
into the beam category. For homogeneous, isotropic, elastic members, , Chow, 
Conway and Winter(36, have shown that a significant divergence between ia’ 
; = calculated by means of the more “exact” approach afforded by the 


theory of elasticity and the conventional beam theory occurs for a M/Vd ratio” ; 


7 of one or less. That is, elastic ; structural members with M/Vd ratios of one 
! _or less are definitely in the diaphragm category. In the case of reinforced __ 
oe concrete beams which can hardly be approached from the standpoint of the ~ 
theory of elasticity, it has been shown by Laupa, Siess, , and Newmark(31) that 


-a reinforced concrete flexural member may be still in the diaphragm category 
_ with a M/Vd ratio of 2.0 to 2.5.* In order to compensate for the effects of | i 
| 4 the loads and the reactions, which in most practical cases are distributed 
_ over a length of the beam of nearly the same order of magnitude as the depth, 
_ it seems wise to put a lower limit on the applicability of the equations de- 
veloped in this paper of M/Vd equal to 3.0. That is, the theories developed zt 
- herein are believed to apply solely to beams or portions of beams in which — 
7 the M/Vd ratio is equal to or exceeds 3.0. This is not, however, a serious 
limitation for practical design purposes since most beams in usual con- : 
= struction work have M/Vd ratios which exceed 3.0 by a considerable margin. 


. Comparison 0 i Selected Test Results with Calculated Values 
saitie to the theory developed in this paper, it is necessary to know — 
a tensile strength (or usually the modulus of rupture) a 
: pressive strength of the concrete of a beam before a prediction of its ultimate . 
shear strength can be made. Accordingly, the test results evaluated in this 
, paper are limited either to beam tests in which modulus of rupture data was 
available or to beam tests for which the modulus of rupture could be inferred 
‘The pertinent properties of the beam specimens evaluated, together with 
the bibliography numbers of their sources appear in Table 1. There are 
twenty-nine beams in all, twenty-one of which are simply - supported while the 
_ other eight are restrained beams. wal Thirteen of the. simple beams had rec- 
tangular cross-sections and plain webs while the remaining eight were © Pd 
designate shear failures occurring in such 
beams a: as “ “shear proper” failures. 
**The + “restrained” beams were statically determinate beams that were pro- 
vided with a loaded overhang at one end thus inducing moment and shear at 


one — to stemtiehe the condition at an interior support in a continuous ~ 
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" Tee- beams provided with vertical stirrups. These eight specimens were re- 
tests of relatively undamaged portions of eight restrained beams tested in 
_ the original project. (35) All eight restrained beams were Tee-beams provid- | 
ed with vertical stirrups and they were loaded by two concentrated forces. _ / 
‘The beam specimens ranged in| span from 6.33 feet to 17.00 feet and in M/Vd 
ratio from 2.01 to 8.65. Concrete compressive strengths for the specimens © 
"were in the range from 2440 psi to 5320 psi, the moduli of rupture ranged ~ 
from 310 psi to 573 psi and the yield strengths of the reinforcement ranged» 
from 37.5 ksi to 87.7 ksi. _ The beam designation numbers appearing in Tables hw 
1 and 2 are in all cases those of the source material. ee ewe «Cae 
‘Table 2 gives a comparison of test results with calculated values based on — 
the theory developed in section IV. The actual shear at failure, V,,, and the _ 
actual type failure are to be compared with the calculated shear at failure, * 
. Vv" , and the predicted type failure. The quantity lil was taken as as the smaller = 
of the two calculated ultimate strengths V¢ and Vtot which were computed on 
the basis of flexural failure and of shear failure respectively. The “ “predicted , 
_ type failure” was obtained by predicting that the specimen would fail in shear — 
‘if its calculated shear strength, Vtot, was found to be less than its s calculated 
: ~ flexural strength, Vf, and vice versa. The extreme right-hand columnof _ 
‘Table 2 gives the “ per cent error” ‘between the calculated value, and the 


a discussion—one part treats only simply-supported beams and the 

treats only the restrained beams. Dealing with the simply- supported 
Lo _ beams first, one may observe from Table 2 that the mode of failure is Sass, 
correctly predicted in every case but one. There are two beams shownin 
Table 2, No. L-1 and IC-2R which have very large per cent errors (47.9 — 
respectively). No. IC- 2R was one of the eight retest specimens 
and it may have been so badly damaged during the initial test that its carrying | 
capacity was seriously impaired. The shear strength of this beam wast 
checked against values calculated by two other theories and it was found that 7 
by was again very low by comparison. - Beam No. L-1 had a M/Vd ratio of * 


bly underestimates the failure shear in this case; this is as it should be con- 
: sidering the large restraints imposed on the concrete | by the reaction and load — 
forces. This same phenomenon occurs in the case of restrained beams 
- will be shown later. Omitting beams No. L-1 and No. IC-2R from the dis- 
‘cussion, an analysis of the data can be undertaken as follows: Beh. 
a4 “Fig. 14 is a comparison chart for the calculated shear at failure, V', 
_ versus the actual ultimate shear, » Vu, for the simply-supported beams. “in in 
this chart points which fall above the 45° -line are conservative and those _ : 
below are unconservative. Agreement between tests and theory is seen to be 
a satisfactory and deviations mostly on the conservative side. A statistical | 
- evaluation of these tests has been made, in spite of the small size of the _ . 
sample. It resulted in a coefficient of correlation of 0. 986, a mean value of tt 
the “test/theory” ratio of 1.025 and a standard deviation of 0.145. These _ ; 


_ values c can be regarded as indicative of satisfactory agreement. <0 rn 
Fig. 15 is a comparison chart for Vy against V; for the eight restrained 
beams. Agreement between test and theory is satisfactory for three of the a 
_ eight beams while for the remaining five the theory errs rather considerably | 
on the the conservative side. = explanation for the large deviation between test 
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end: 
Beams of Ref. 25 which failed in shear 
Beams of Ref. 26 which failed in flexure — 
a Beams of Ref.28 which failedin shear 
= Beams of Ref 28 which failedin flexure | 
Beams of Ref. 35 which failedinshear 
Beams of Ref 35which failedin flexure 
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and theory in these beams is the fact that the critical zones for caecor 
flexural failure occurred at the face of the interior support with the attendant — 
extra restraint afforded by the 1 reaction force. | to the small size of the 


developed herein appears ‘to be applicable to restrained 
(provided that the M/Vd ratio is 3.0 or larger) and that the errors which may 


occur in the case of restrained beams will most probably be on the -conserva- . 


tive side. view 


ing of and compressive stress components has" been investigated. 


- 


(00 
— 
7 
q 
to undertake statistical calculations. Therefore, t y 
ie 


has been found t by comparison with numerous test results that Mohr’s ni eal 
theory is adequate in predicting failure stresses for such cases. fa Equations a” 
“based on Mohr’s theory have been developed which express the “interaction” — 

of the shearing and compressive stresses at failure. The problem of predict- 

_ ing the ultimate load of beams failing in shear has been approached by apply- 
: ing the “interaction” equations developed for plain concrete, since it has been 


= that failure in shear is essentially a failure of the concrete above 


veloped and ; a very tentative extension to beams with vertical stirrups has 


been made. Test data from twenty-nine beams has been used to check the | 


findings and of this paper can be ‘summarized as follows: 7 


(a) The failure of plain concrete subjected to a plane state of stress con- 
_ sisting of shearing and compressive stress components can be ade- a 
quately predicted by the “interaction” equations developed herein which 
are based on Mohr’s rupture theory. Due to the approximations made _ 


in the derivation, it is — that the failure stresses will be predict- - 


_ ed on the conservative side. 
 (b) In order to properly apply diate s rupture theory, the “shape” of fthe 
‘rupture “envelope” for the particular concrete must be known, For the 
cases treated in this | paper, it has been found that the use of a straight- - 
= approximation of the rupture envelope yields sufficient accuracy Z 7 
: for most purposes. — However, it is necessary to determine by test the = 
tensile strength, ft, as well as the compressive strength, .. , of the | 
_, particular concrete in order to apply the theories developed herein. 


(©) It has been found possible to estimate accurately the tensile mre of 


concrete by means of the flexural modulus of rupture test. However, ss 
2 to the many factors which can influence tensile strength, it is not, 
in the author’s opinion, possible to use a single simple general relation 
to connect the tensile and compressive strencths of concretes (as has — 
se the usual practice in shear researches in the past). Consequently, | 
“the author recommends that the flexural modulus: of rupture test be “Saag 
3 adopted along with the cylinder compression test as standard cate 


for the determination of the relevant properties of concrete used in > eS 
—@ It has been found possible to develop a rational theory to predict the 
omg shear strength of beams with plain webs based on the interaction oan dq 
developed for plain concrete, and employing a triple criterion for 
failure. This consists of the shear at the ; appearance of the first ee 
nal tension crack, the shear at failure of the critical compression zone a 
above a diagonal-tension crack subjected to compressive and shearing» 
|. stresses, and the shear corresponding to a flexural failure. . The 
relative magnitude of these three shear forces neeete the mode of | 
ig failure, and permits the prediction of failureload. = j= 
7 ba (e) Due to lac lack of experimental measurements of the relative contributions — 
2 concrete, longitudinal and web reinforcement to the shear pengualll 
of a beam, it has not been found possible to develop a “rational” theory 
— P for predicting the shear strength of beams with web reinforcement. “ 
_ Recourse was had to an empirical relation developed by Laupa, a. _ 
ane Newmark(31) which connects the shear of with plain 
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The theory in its present form is not applicable to beams in 
_ phragm category (i.e. beams which have an M/Vd ratio of 3.0 or less). 
@ Experimental evidence, though not too plentiful, seems to confirm satis- 


factorily the fundamental interaction equations as well as the theory of 
_ shear strength of beams based on them. 


_ This paper does not presume to give a final practical 2 answer to the — 
problem of shear > strength. of reinforced concrete beams. . However, itis 
hoped that the theories developed herein do provide a rational, basic point of | 
departure for future work in the field. 
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1 A, M. ASCE, J. R. Allgood,2 
and Shaw,3 A. M. ASCE 


A theory is presented for determining the lai resistance characteristics 
of uniformly loaded reinforced concrete beams. © Particular attention is given | 
predicting ultimate deflection. Four are considered. 


The theory is compared with static test data. _ 


For structures which are pal very high or blast loads, it 
important to have components capable of straining considerably beyond initial | 

3 yielding without a loss in load-carrying capacity. The design of such i 
_ structures requires an understanding of the load-deflection characteristics Ss 

_ of a member and the effect of variables such as steel yield stress, per cent | 
Cy of tensile reinforcement, | per cent of compression reinforcement, per cent — 


:. and spacing of stirrups or ties, concrete strength, and manner of loading. 


For example, the spring-mass analogy for dynamic analysis(1) requires a 
knowledge of the resistance function characterized by the yield load and de- 
‘flection and the ultimate or “limit” load and deflection. Determination of _ 

_ ultimate load has been thoroughly considered; (2) however, ‘not so muchat- | 

_ tention has been given to predicting ultimate deflection. The method described 
in this paper provides a simple and reasonably accu accurate procedure 


Note: Note: Discussion open until June 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1910 is. 

: part of the copyrighted Journal of the Structural Division, Proceedings of the _ 
Society of Civil 1 Engineers, Vol. 85, No. sT » January, 1959. 
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ELASTIC RESISTANCE OF REINFORCED CONCRETE BEAMS. 
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computing the static resistance of beams through the elastic and 
ranges. attention is given to the determination of the ultimate 
A investigation of the load-deflection properties of rein- 
y forced concrete beams was made at the University of linois. (3) These tests. 
£ and tests reported herein provide data which include a wide range of the 7 
governing parameters. The test data is compared with the theoretical load- 
curves the method developed ir in this 


“a = The assumptions made in developing ti the load- -deflection 1 relations are as 


A Mees section before bending remains ns plane for all loadings. y 
2. Concrete tension stresses are negligible. _ = 
The stress-strain relationship for steel consists of 
3 straight lines as shown by the idealized curvesof Fig. 1, 


- 4. The stress-strain relationship for concrete in compression is given by 
5. “Ultimate load and deflection are reached when the « outer fibers of i 
concrete in compression reach an ultimate strain. 


‘the beam in which yield has occurred. 
- Adequate protection is provided against shear and bond failure. (De- 
flections attributed to shear strains and and diagonal ter ver a are 


Assumption 1 (3) deserves further discussion because the 
stress- -strain ¢ curve - employed. A steel tensile specimen would not exhibit the _ 


relatively large plastic modulus shown in Fig. 1; however, the modulus used . ‘ 
is justified on | the basis of the net effect the tensile steel has in in flexural — 6 


For purposes of discussion consider a simply supported reinforced 
concrete beam with a concentrated load at mid-span. As the yield moment is 
reached at mid- -span, , plastic yielding of the steel commences and gee 
until strain hardening takes. place; concurrently, the neutral axis shifts 
upward. . These combined actions produce equilibrium, requiring a addition 
_increment of load to be applied to induce further deflection. 

With the addition of an increment of load, yielding will occur at the ‘iin 

_ immediately juxtaposed to the section at mid- -span until strain hardening is 7 


reached at these sections. Simultaneously, a slightly higher stress occurs at 
_ mid-span which is possible because the steel there is in the work hardening a7 
= region. This process continues as the yield hinge propagates outward. ~~ 

- The above described action is recognized as quite different from the more 

7 pt straining over the entire length of the specimen which occurs in pure ~ 
he _ tension. Thus, the stress-strain diagram employed for an ultimate flexural tla 
n. 4 strength analysis must account for the strain hardening which develops as the - 
Plastic front propagates. That is, the stress- -strain diagram must account for 


the error embodied in assumption (6). By trial, the curves of Fig. 1 have 
_ ‘been to meet this requirement. 
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‘Development of Theoretical Expressions for Slope and Deflection 


_ As shown in Figs. 1 and 2, steel and concrete behave differently to increas- 


ing strains. ‘Consequently, “for each increment of loading, there is a different 
flexural stress pattern. Three typical stress blocks are shown in Fig. 3 
wherein the locations of the neutral axis, the concrete compressive force, 
Ce the center of of the concrete in | compression vary with 


A typical compression stress for the condition is shown 
“Fig. 4(b). For a section one unit wide, 


b 


Values of m are plotted versus €¢ in Fig. 5. . 
‘Solving for the location of the resultant compressive force gives, 


6 


7 


from the extreme | fiber in compression to of the 
ssive force is: 


Solving for Ko, a 
a 


The Ko al and éciss in Fy. 6 for av | wide range of 


concrete strengths. 
For €c < Ey: 
x stress block for concrete strains at the extreme fiber between €, and > 5 
is shown in Fig. 7(b). The concrete compressive force, Cos for a width of 


b of the section in compression aye 
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and takinoe a width of the exnression for the total concrete compressive. 
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special case of eal =€ 
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a concrete compressive force may be computed with Eq. oe and _ can be — 


found from Eq. (5). i" wee of m and K are plotted as a function of €c in in 
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as simply supported — with a ieuaaabien loading is shown in Fig. 8(a). 
For loads near the ultimate Giagrams for moment, unit notation, and 


“the end of the beam is equal to area under the unit rotation diagram 
tween the end and the center line of the span. 


L 


deflection of the beam at the center of the Span is to the moment 
of the end rotation, 6,4, about the center line minus the moment of the area 
under unit rotation diagram between the end and tl the center line of of the 
span. As shown geometrically in | Fig. 
r m2 is the displacement oft the ousiie of the span from a line tangent to the de- 
i - flection curve at the end A. _ 62 is the displacement of the curve at the location — ; 
_ of M = M) from a tangent to the curve at the end A. 4g is the change in angle 
- of the deflection curve from the end A to the location of M = M, multiplied by 
the distance from the location of M = M, to the center of the span. 64 is the : 
displacement of the curve at the center of the Span | a to the 
curve the location of M= 


‘Eq. (it) may be used for any symmetrical loading. A uniform load on the 

entire ‘span, as shown in Fig. 9(d), produces a curved moment diagram be- ; 
: tween the end of the span and the location of M=M,. For such a case Va 
r Eq. (11) would be slightly in error. ‘The discrepancy, however, could be neg- 

lected in most cases without affecting the results appreciably. ‘The s slope | or 
=. can be found for any other point in a similar manner. ner 
Comparison of with Experimental Results 


These beams \ were 12 inches wide and 9.25 inches deep. Tension 
reinforcement consisted of two No. 4 bars and one No. 6 bar which was locat- 
7. 94 inches from the top surface of the beam. In addition, ‘one No. bar 
was located 1.37 inches from the top of the beam. 
uy It was found from control specimens that fy 46 800 psi , Eg = = as 980, 000 
‘Psi, and fy = 7,570 pel. From 
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the pt =0006 


— of span 


Beam ‘vith symmetrical loading 


Moment diagram 


Fy 
Mo 


Unit rotatio 


8. Typical Diagram for ‘Simple 


— 


— 
— | 


= 
ASCE CONCRETE BEAMS 


egion of 

‘poner: 

or P 
"9 


R 


rious Loadings 


or Variou 


a 


Fig. 9. Region of Yielding f 


| 


2 & 


ing= 


eldin 


y! 
XL 


Region of 


+ 
- 
— 
$ 
— — 


Concentrated Load at Mid- -Span 
"Elastic Analysis 
section are determined. The location q 
a 
as = 2.06 inches 
A Neglecting the concrete in tension and transforming the ne ‘into an 
equivalent amount of concrete, the moment of inertia is ee: ok 


195. 4 

For the elastic condition, ke ac 69 inches. 
| Taking moments about the concrete compressive force, the resisting E.. 


- moment capacity « of the beam at initial yas of the tension steel is. de- 


= 0,84 (46,800)6 7.96 SBN 


- 2,000 = 283 ,000 in.-lb. 
It is necessary ‘to subtract the dead load mo moment before the applied load - 


to produce yielding can b be determined: 


- 63,000 = 220,000 in. -1b 


= 3, 860 


Plastic 
Next, it is desired to determine t the load and deflection at which the — 
. The ultimate moment is developed 
_when the concrete reaches its ultimate compressive strain, €, = y= 0.00284 © 


and the ‘resulting concrete compressive force is 


by 
— um 
— 
an 
= 
| 
3 
i 


successive trials in order to find the location which will satisfy equilibri-— 


um of the static stresses. 
Trial 1: Assume a = 0.95 in. 


The tensile Strain in the bottom steel 
0.00284(6. 9). 


4 Using the stress-strain slopes of intermediate g grade reinfore- 
a ing, the stress corresponding to this strain is 53,100 psi. — _ 
Then Ts = 53,100(0.84) = 44,600 lb 
The tension strain in top steel is 


€5 
= 0,001 -00126 (28, 980 ,000)(0. 
total tensile force at this section is 


Ty = M4,600 + 26, 100 700 1b 


51, 57,2000. 95) = 


“The tension strain in the bottom steel is 
‘Then fs = 52,5 500 psi 


i» 


TE = 0. 980,000)(0.44) = 13,400 
he total tension force is 


the total comp 


At concrete strain Kg = 0. 381 (see ‘Fig. 


‘moments of the ieternal stresses about the concrete compressive 
= 100(7. it + +23, 400(0.99) = 333,000 + 13,000 


000 


1 

owt 


| 
.0209 in. /in. : 
— 
— 
loped 2 
0284 


€, + 


_ 220 - 0. ane 

 12(5,280, 000)(195.4). 

0.0225 257)(19)" (12)° (2 


= 8. 77 inches 


The loads and deflections calculated above with tes test results 


each with a span n length of 19 feet, were 7 
concentrated loads at the third points. Two additional beams were tested : 


_ two equal concentrated loads placed 0. 378 times the span length apart, or. 
slightly outside the third points. The loads and deflections ' were computed at 

_ initial yielding and at ultimate load for the two loading conditions in a manner | 
similar to that shown for a concentrated load at mid- * A of 


‘nimi Loads at at the Sixth Points 


“Three 8 Series A beams were tested with equal | concentrated loads at ie 
sixth points. a The load- deflection curves are shown in Fig. 13 and are com- 


theory provides a method the static re- 
“sistance of reinforced concrete beams. Several inaccuracies are inherent in s 
the procedure because of idealizing the stress- -strain curves and other simpli- 
fying assumptions. Errors attributed to these factors, however, are well __ 
within the range of scatter of results from tests. Figs. 10 through 13 show oA 
the static resistance of members by experiment and by theory. wi tae 

- ‘The theory usually predicts an ultimate deflection somewhat less than the 
~ ultimate deflection of a beam tested when the concrete is of medium strength = 
(3500 psi), or lower. This is because the expression used for ultimate — _— f 
concrete strain, Eu, very nearly represents the lower boundary of test results. 
ultimate strain of low concrete 2500 psi) | was shown to 


= 0.00284 + 0.0197 = 0.0225 in./in, 
The mid-span deflection is computed by Eq. (il 
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ot be greater than that given by the theoretical expression. 3,5) Concrete with 
4 a 2 strength of less than 2500 psi, however, is not normally used for flexural | 
members. Consequently, no adjustment was made for the ultimate strain of — 
low strength concrete. The theoretical ultimate deflection, though somewhat a 
conservative, is realistic because of the inherent inconsistencies of rein- _ 
; forced concrete and because the mixing and placing. of concrete usually a are 7 
not as closely controlled in practice as they are ina laboratory. 
7 i A bearing plate under the concentrated load has the effect « of containing the 
ye concrete. _ In beams with a load at mid-span ‘this is the point of highest stress. 
‘The containing action causes failure to occur near the edge of the plate and —_ 
consequently, has a definite effect on the formation and propagation of the — sa 
- plastic hinge. - This effect should be stated in terms of the length of bearing. 
The region ot plastic yielding «'L would then extend over a distance ofa LL, 
} ‘as defined in Fig. 9(a), plus the width of the bearing plate. ee ae 
Initial yield deflections computed by the « elastic method a agree v very well 7 
. with test data for beams in which shear is reasonably low. When the shear 7 
value is sufficiently high to cause extensive diagonal ‘cracking, the 


theory ¢ gives deflections than the values. 


CONCLUSIONS 
The elastic and of simply reinforced « concrete 
_ beams can be predicted with reasonable accuracy for any | symmetrical static = 
condition by the use of the procedure developed in this 
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F PITCHED AND CURVED TIMBER DIAPHRAGMS 


Henry J. Degenkolb,! M. ASCE — 


Within the past eight years there has been a great ineenen in the amount a 
S of research performed on timber diaphragms and shear walls. For over 25 
_-years these structural elements have been of interest to structural — 
concerned with designs to resist earthquake forces, because of the inherent — 
economy resulting from the use of the necessary walls, floors and roofs of a 
a structure in such a manner as to supply also the bracing for the structure, r j 
It is only in the last decade, however, that the need for lateral force = q 
i _ has been recognized by many other engineers, generally because of meet os 
cr _ hurricane and storm damage, potential blast damage and the occurrence . 
earthquakes in regions previously considered comparatively safe. To satisfy 
the demand for information, the Oregon Forest Products Laboratory, the De- i 
partment of Agriculture Forest Products Laboratory, and the Douglas Fir a 
Plywood Association, have conducted series of tests on both scale and full - 
size diaphragms to furnish the data necessary for satisfactory and ne ‘ | 


To date these tests have been upon plane elements, corresponding, for 
example, to flat walls, or flat roofs. 
Briefly, the findings to date regarding ‘roof { diaphragms may be oummarined 
_ as follows: 


| Note: Discussion open until June 1,1 1959. To extend the closing date one month, a 
_ written request must be filed with the Executive Secretary, ASCE. Paper 1911 is. 
_ part of the copyrighted Journal of the Structural Division, Proceedings of the _ 
American Society of Civil Engineers, Vol. 85, No. ST 1, January,1959. 
- Presented at the June 1958 ASCE Convention in Portland , Ore. 
Partner, John J. Gould and H. J. Degenkolb, , Cons. Engrs., ; 
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indicates the lateral ona simple structure. ‘The wind 
: pressure or suction, or the wall inertia loads of an earthquake actonthe 

walls spanning a foundation to roof. fg top. of the wall thereby produces 


as the diaphragm, now acts as a large girder, taking the reactions of the walls 
4 as horizontal loads and spanning to the end walls, which | cantilever from th a 
foundation to provide the necessary horizontal ‘support. 

When the roof lies essentially in a plane, the diaphragm may be be co construct - 
a ed in several ways, , of which four examples are presented here. — Mier 
a In Fig. 2, the roof is spanned in the short direction with roof rafters, while 
+ sheets of plywood form the roof sheathing. The stress action is similar to 
that of a large plate girder with the plywood reeteting the shear forces and %, 


‘usually assumed that the web does not help to resist the moment Soeia, = The 
a nailing of the plywood is calculated from the shear forces similarly to the _ 
_ web rivet design for a steel plate girder. ‘Many tests of this type of con- 
struction have been made by the Douglas Fir Plywood Association. 
Fig. 3 illustrates the type of diagonally sheathed diaphragm which has been 
- tested most often to date. Here, too, the roof is spanned in the short direction | 
| a by roof rafters, while sheathing boards span the space between rafters at a - 
48 angle. | ‘Again, the continuous chords on the long sides resist the moment 
forces, while the diagonal ; sheathing resists the shear forces. AS shown in 
Fig. 3, the sheathing boards are in tension, but since lateral loads may come 
_ from any direction, the loading can be reversed and the boards would be in 
compression. Although there may be considerable bending in the sheathing 


_ boards, tests verify that the primary load resistance in an efficient aiaphragm _ 


is due to the axial stress in the sheathing boards. The nailing is calculated | 
S this axial stress. As may be seen from Fig. a. there is a component of 
stress perpendicular to the end posts that puts it in bending. _ The end post bie 4 
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component. There are similar bending components to the long 


- continuous” chords, but as in this example, the effect is usually minor because 
the comparatively small rafters, which resist these 
Fig. 4 illustrates a similar type of using a double layer of diago-_ 
® nal sheathing to resist the shear forces. _ This system has not been tested | 

since 1935. It will be noted that in this system one layer of sheathing is in 

tension while the other layer, at right to ‘it, is in compression. 
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‘tendency results. Tt his system can be by simple ‘statics 
-and the maximum strength is. limited only by the nailing 1 room provided at | 
the various contacts and intersections. Structures at the Golden Gate Inter-. 
- national Exposition in 1939 successfully resisted shears of over 4,000 lbs. 
perfootbythismethod. 
_ Fig. 5 shows a most common method of framing a roof which, to date, has 
been tested except for one full size test in Los in 1962.2 
2. “Load Test of a Diagonally Sheathed Timber Building, ” by J. —— 
English | and C.. Franklin Knowlton, Jr. Proceedings ‘Paper No. 830, : 
November 1955, ASCE, 
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ever, by cc comparison with tests on the diaphragm in Fig. 3, 
_ The loads from the side walls are delivered to the timate girts which © 

Brie to the trusses. The end reactions of the girts are delivered through the 

|) trusses to the diaphragm, usually through blocking over the truss chords. © aa 
The girts are spliced for axial load to provide chords to resist the moments 
. on the diaphragm as a whole. The shears on the diaphragm are resisted by - 
the sheathing boards, again | pene s by their axial loads, similar to those 

In this case, the force components causing mi major bending stresses in .° 
Be members occur at the girts. a It can be seen in _ figure that as the 


“ing force, The axial forces from the sheathing at the end walls also tend to 
2 + these wate in, but here the span is only between purlins. The purlins x 


_ should be spliced throughout the length of the diaphragm to balance the ‘ie 
forces at the opposite end ofthe building, = 
_ The tests to date and the analysis so far have assumed that the eae 
lies essentially ina plane | so that forces normal to the _ sheathing may be = 
lected in analyzing the diaphragm action. _ However, it is common practice to 
use either bowstring trusses or pitched trusses of one type or another, and 
consequently the diaphragm is either pitched or curved. it is the attempt of 4 
this paper to evaluate some of the effects of this practice upon the basic 
principle of the use of timber diaphragms. 
bast Consider first the building using a simple pitched truss, as ‘illustrated in — in 
Fig. 6. - Girts 0 or bond beams deliver the lateral forces to the truss bents. ¥ If 
we assume a lateral load of 200#/ft., the girt loads at each bent are 20 times" 
2004, or 4000#. This is delivered into the roof diaphragms through the truss 


system and solid blocking between the truss and roof sheathing. ‘There is an 
overturning stress in each truss with the uplift on the leeward, not windward _ 
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Note that the truss delivers the loads i in the pene e of the diaphragm. — There 
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= = 160# lin. ft . The maximum shear in euch half of 
the diaphragm is is 46208 : ina length of 28. 87', also g giving a diaphragm shear of © 


= - 160# /lin. ft. ese two ways of calculating shears naturally must give 


the s same result if the diaphragm web is assumed to take none of the moment 


_ At the ridge, if there is a fully active diaphragm web, such as plywood, ~ 


transfer of horizontal shear from o one e portion of the diaphragm to the ‘other 
portion. If there is single diagonal sheathing, however, there are boundary a 
stresses to be considered and the types of stresses are dependent upon the 
% direction of sheathing. In Fig. 7 are shown the two possible relationships of _ 
_ sheathing direction. . Consider first Condition A, where the pattern would look 
like a “Vv” in plan. if the shear is to the left at the top of the plan, sheathing 
board 1 is in tension and board 2 is in compression. It can be seen that the 4 
components of force parallel to the ridge cancel. In the section, it can be 
- seen | that the vertical components of the force cancel. _ However, in plan, , the 


-_ ‘cause a boundary bending f force of twice the amount of the typical boundary 
_ forces indicated in 1 Fig. 5. The ridge must be designed for these bending _ 


_ forces in in the sideways direction and the ends of the ridge member anchored | 


to the trusses for the proper amount of shear, | 


i‘ Now if the sheathing seems to continue in the same direction « as seen a 


plan (Condition B, Fig. 7), the same ‘shear would cause both sheathing boards 
1 and 3 to be in tension for the shear direction shown. In plan it can be eee 


as seen in n section, the forces do not cancel 
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TIMBER DIAPHRAGMS 


a “ine reases. “When 6 is 30° the vertical bending load on on the ridge beam is 5 equal 
- to the unit shear on the panel, while at 45°, the vertical bending load is 1.414 — 
- times the unit shear on the panel. _ When the boards are i compression the 


stresses a are e taken at the edges of the pesca only, ' the unit ‘shear is ll 
to the total shear divided by the depth of diaphragm; there are no warping ~ 


AS before, girts are to the trusses and the 
if ; trusses act as stiffeners for the diaphragm to introduce the loads into the he | 
=, If the shear i is constant between trusses and the ‘shape of the roof “d 


structure text and there are no warping stresses. All stresses not in the © 
- curved plane of the diaphragm are taken out where the loads are applied at 
= the trusses. This statement is true of any fully active shear web, such a as 
plywood or concrete. However, for single diagonal sheathing, there isa 
_ secondary effect to be considered, similar to the load on the ridge beam, as _ 7 
_ To illustrate this, amet first a double diagonally sheathed curved dia- 
phragm, as in Fig. BA. If the outer layer is in tension, it is pulling down on 
the underneath layer. - The inner layer, at 90° to the outer layer, must then | 
be: in ‘compression a and is ; pushing up on the outer layer. _ These curvature 
_ forces balance and no bending stress is introduced into the purlins. dg 
In single diagonal sheathing, there are no balancing forces. The forces” > 
necessary to put the axial stress in 1 the boards ins ina curved 
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> perc quite small and does not control the design : in most cases, as the 
~ If the sheathing is at 45° to the axis of the roof, the curvature of the sheath- 
ing is actually elliptical, but, for the usual proportions found in roofs, the 
radius of the sheathing curvature - is approximately twice the radius of the per 
_ roof. For a general case, consider me effect on a fully stressed eon a 

board using three 8d nails at the ends. The stress in each sheathing board 
then is equal to 100 lbs . per. nail3 times 3 nails times 4/3 to account for the — 


allowable increase in stress for lateral loads, or a total of 400 lbs. per board. 


‘The radial stress board then is P= where = radius of 


the roof. diaphragm. . Assuming a ng a 40 foot span with | a corresponding 40 foot ” 


radius, P= 4) lbs. per ft. ft. per board. It the the gusting are at 2' - 0" 


22 2x40” 

center to « center, then aueieinie per board crossing is 10 Ibs. and the curva- _ 

_ ture load on each purlin is 10 lbs. per board crossing. . If the sheathing is in 

= compression, the nails at each board crossing are in tension by the amount &§ 

of 10 lbs. less the deadload. | 


inal ina 100, foot span, the radius is 100 100 ft., then P P=5 /ft. p 
. - board and it can readily be seen that these forces are quite nominal. a oul 
- Throughout this discussion, it has been assumed that all chord stresses 
are taken by the extreme flanges. If this is not the. case, as for example in 
multipitched roofs with heavy beams at break in roof, the 


other architectural Where this can be done with plane 
Surfaces, there a are no warping stresses. _ The external forces for each plane 


=e in each plane element determined by the principles outlined above. s 
7 From the discussion so far, it is seen that where shears are constant ina | 
ty prismatic c section, there are no warping stresses. Fig. 9 shows that all forces 
can lie in the various planes. In Fig. 9A, however, where the surfaces — 

_ warped, it is seen that t there are forces in the diaphragm proper that are _ 

_ ~ normal to the surface. The analysis of these forces is extremely complicated 
; and would have little direct application to the usual timber roof diaphragm. _ 
Boi, _ There are, however, certain approximate approaches to the critical conditions 
that can be investigated and are necessary to the ‘proper ag of sucha dia~ ‘ 


First, the minimum radius of curvature of the sheathing ‘must be determined. 
Then, by using the principle illustrated under the discussion concerning bow- — 


trusses 8), radial must ihe board stress" 


— 
— 
a 7 
4 dix 
a The non-planar stresses, as before, are concentrated at the point ofload ‘Sir 
(at the trusses) and there are no warping stresses where shears are constant 
an —_ ‘It is often necessary to break the prismatic section of the roof diaphragm — 7 7 
sate approaches are sufficient. 
q 
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- divided by the radius of curvature, © In the ust usual ‘roof, if the m minimum per- 


radius of sheathing is 40 ‘ft. and the maximum stress" 


5 per board with three 8d nails is 400 1 lbs., the amiga stress = te = 20 sal 


crossing. “The rafter or purlin then must be designed for ‘this additional load. ; 
‘Since forces may be either tension or compression, creating either downward 7 7 


_ or uplift forces on the purlins, it is probable that the ends of the purlins must 
be for uplift, where warped sections occur, 
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a Another condition i is often found in connection with the | non-planar timber a 
diaphragm, as illustrated in the section shown in ‘Fig. 10. With wind on the . 
end wall, the top of the wall is held in position by the sloping end purlins. ae 
Using a 15-lb. wind, the horizontal reaction at the roof is 202 pounds per foot. loot. 
For the | dimensions given, the stress in the purlin A is 1.1 x 202 = 222 lbs. ee 

‘ per ft. and the vertical component of this stress is 101 lbs. per ft. The hori- 
zontal component of the force in purlin A must be transferred at the end truss 
to purlin B by some type of splice and purlin A must be anchored to the truss © 

7 for its uplift component less the dead load. It is very common in this type of 

a - construction that this uplift component is considerably greater than the dead 
- load available on tl the pur rlins. The condition at at the sheathing b break shown Vin 
Fig. 10A is generally quite critical in other ways. Here occurs the maximum 
— on the diaphragm and the sheathing is broken because of the generally © 


sharp angle. Blocking of sufficient width be to afford full nail- 


Bag 3 must also be provided for, but these are usually quite —” 


aa ‘From the studies presented | herein and the tests of the plane fy oyna og 
performed in the oe few years, some general conclusions may be drawn, as © 
Timber diaphragms can bracing for 
structures, often at quite nominal costs. 
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“4 * ofa timber diaphragm largely strength 
efficiency of the boundary details. 
- Boundary stresses exist at any break in the meninin plane and should 
_ be provided for in the design of an efficient diaphragm. pee ~— 
+. In prismatic diaphragms over bowstring trusses of the usual pro- 
_ portions, stresses different from those found in a plane structure are 7 
_minor and the usual — ae construction will provide for 
a 5. Where the prismatic section of a diaphragm is broken at end walls, 
high and critical stresses can exist and must be provided for in the | 


design of an efficient diaphragm. 
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ABSTRACT. 
A discussion of the use of timber trestles 
Trailways, specifications, features of design and construction, and a resume moet 
_ current studies looking toward improved design and service life, with special - 
_ emphasis on the need for efficient fire retardant treatment of wood and - 


The of timber on the railways is probably not general- 


7 ly | recognized and the thought may even prevail with some that timber bridges _ 
are a thing of the past on railways. This is understandable in view of the _ 
_ preponderance of engineering articles and literature dealing with the design 
‘ and construction of the larger and more . spectacular railroad structures of - 


_ steel and concrete and, more recently, prestressed concrete. = 


q 7 _ The timber bridge certainly is not an obsolete type of structure and there 


are reasons to believe its usefulness may even increase where short spans 
adequately meet the requirements. It has its shortcomings, but so do other z : 
typesofconstruction, 

a I It is of interest, historically, to recall the thoughts of some of our prede- aan 

_ cessors concerning the future of timber bridges. In 1901, at the second annu- ~ 
al convention of the American Railway Engineering and Maintenance of Way * 
_ Association, predecessor to the American Railway Engineering | Association, | | 

(AREA) the ‘President had this to say about wooden bridges: “We cannot go 
on indefinitely renewing them in wood:—timber is becoming scarcer and more — 

e expensive year | by year, and it is quite a live question a as to how we can ¢ eco- 5 

7 ‘nomically and permanently deal with these bridges”. The following year the 
Committee on Wooden Bridges and Trestles reported: “The day is past and di a 


_ gone when a wooden bridge can be considered as a ane structure | ona 4 
Discussion open until . June 1959. To extend the one month, a 
4 written request must be filed with the Executive Secretary, ASCE. Paper 1912 “a 
part of the copyrighted Journal of the Structural Division, Proceedings of the _ a 
American Society of Civil Engineers, Vol. 85, No. ST 1, January, 1959. nak malaise 
i. Asst. to Chi. ‘Engr., Chicago, Milwaukee, St. Paul & Pacific R. -R., Chicago, 
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; railroad, and in putting them in we do SO W with almost an assurance that they : 


will be replaced by a permanent structure within the life of the first — 


-usedinthe construction» 


it ‘might be well at this p point to discuss | briefly the expected service life of 
trestles built to modern standards, to give a proper perspective to timber — 

; bridges. ‘Most railroads expect to obtain at least 40 years service life of 
their structures, and probably 50 years. This is far different than the 10 to 
15 years life that was ordinarily expected of them a half century ago. 7 ool 
great change is due principally to the introduction and increased use of 
pressure treatment of timber with durable, economical wood preservatives, bs 
which practice came into use on the railways about at the turn of the century. 
Today a railroad simply cannot afford to use anything but treated timber ie 


cept for falsework or other temporary purposes. 
The full benefits of preservative treatment cannot be realized, of course, 
without due care in the construction, and the preframing and preboring of aie 
timber is essential to maximum service life. This requires detailed framing 
plans and careful fabrication prior to treatment. It requires also that field _ 
cuts or boring, if they cannot be avoided, must be thoroughly treated in in the 
‘field. The protection of pile heads is especially important and it is usual a 
railroad practice to sterilize the pile head with _ creosote oil and then ap- 

plya a bituminous membrane over pile head. 


yee figures are not available: but certain statistics . gathered several 


- wane ago indicates that there are approximately 1,800 miles oftimber | 
bridges in service on the railroads in the United States. This is believed to : 


approximate 40% of all bridges of all types. ee ee 
It has been a policy of most railroads to replace timber trestle on their 
 high- speed heavy traffic | main lines with steel or concrete structures, or ao 
culvert pipe, as they come due for heavy repairs. This practice | will no ) doubt 
continue; however, the economy of modern treated timber structures in most — 
& of the country has become so well _ established that future replacement 
_ with other materials will be increasingly less. The abandonment of many a7 


_ branch lines, where timber trestles prevail, will of course se affect the overall 


a When timber railroad bridges are considered today, almost invariably the — 

short span pile and timber trestles or pile trestle approaches to larger 
a are the main types included. . Actually there remains on the rere | 
4 significant numbers of truss spans, and a variety of special designs. _ 
Some statistics of the Milwaukee Road will serve to illustrate. In 1895 

_ prior to extension of the system to the Pacific Northwest, there were 7 565 aca 
3 bridges supporting tracks, aggregating 109.6 miles. _ Approximately 85% were 
wooden trestle construction. _ In addition, there were 451 timber Howe truss a 


; spans and three floating pontoon bridges. The remainder were iron truss and ; 
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iron. Many additions and retirement of trackage have been 

3 since 1895 and a great many trestles have been replaced by other type 

5 structures or by embankment, but it is significant that over 60% of the nano 
_ in that same territory east of the Missouri River remain of timber c con-— 
struction. It may also be of interest to know that two of the three pontoon 

gz tlt are still used. One of them was retired when a branch line across | 

" the Mississippi River was abandoned. 

‘ern should be made of another important use of timber in 1 railroad 
= construction, and that is in pile and timber piers supporting a 
girder and truss spans. As in the case of timber trestles these are used _ 

7 mostly on se secondary and branch lines, where e economy is a main ‘consider- 7 

~ ation. | . Protection against drift or ice damage is provided by sheathing the — 
piers with ‘Planking, or in locations subject to severe damage by timber rock- — 

filled cribs, or timber pile dolphins. 
There are many examples in the west of sc some high 
there are of timber trestles. _ For example on the Milwaukee Road there are 
framed piers over Tokul Creek near Snoqualmie Falls, Washington, built in mn 
1936 which are 91 ft. and 102 ft. —_ supporting a 75 ft. long girder span. nal 
This bridge is on a 13 degree curve. The piers were built in te tao ll aan 
traffic, replacing other similar piers. 


‘the floors of steel bridges, aside from the usual bridge tie. Ballasted deck 
type bridges utilize ordinary cross ties laid in ballast; they offer such ad- 
4 vantages as better riding qualities, ease of maintenance, and less impact, and 
, on steel structures with this type floor treated timber is used to carry the . 7 
d 


- ballast; in fact, this is standard practice on some railroads except for grade 
_ separation bridges o or other special projects where a water-tight deck is ne . 
ed. _ On the Milwaukee there are some ballasted deck floors of treated timber — 
are 50 years old. 


for Structural Lumber 


discussing specifications used by railroads for structural 
eine should be said first about the AREA Committee on Wood Bridges 


Trestles. was one ne of t the original committees when the Association 


formulate or approve for the railroad industry grading rules based on strength 
_ properties of wood, and the determination of proper working stresses for the 
_ structural grades. In so . doing it has worked closely with the lumber industry, 
_ the U. S. Dept. of Agriculture, Forest Service, and others. The committee is 
: charged with the responsibility of the railroad industry’ s interest in quality — 
; standards and the determination of allowable unit working stresses for all — 
4 It should not be suggested that all railroads conform strictly to AREA | 
 pecbentions, or that railroads which do on the whole may not deviate ~~ al 


those in some particulars. There is usually good reason for 


quality. railroads still have their own but these generally 
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lumber, ‘auioe its own stress levels, and which might or might at Be equiva- 
~ lent to some commercial grade. Eventually the lumber industry’s grading i 
rules became acceptable to AREA and in 1957 the commercial rules ofthe — 
various lumber associations were substituted. 7 ‘The AREA, , however, evaluates 
for itself the strength ratios of the commercial grades and the allowable __ 
- working stresses for design, adhering strictly to ASTM methods for establish- 
ing stress grades, The ‘resulting wo working str stresses ane in close agreement 
_ For the benefit of those who have occasion to refer to AREA specifications 
for the design of wood bridges, one important difference between AREA and 
- lumber industry - recommendations should be noted, That is with respect t to 
a ‘the basis on which recommended working stresses | are published as respects 
duration of loading. Whereas the AREA adheres to its traditional basis of _ 
long-time loading, the lumber industry publishes its recommended stresses 
on the so-called “Normal” duration of loading which it adopted several years 
ago. These stresses are 10% higher than for long-time loading, subject to a 


cumulative duration of maximum design loading not to exceed about 10 years — 
throughout the life of the structure 
az _ This disagreement arises out of a difference i in point of view. The AREA | 
Committee on Wood Bridges and Trestles is of the view that t working § stresses 
- should be published on the basis « of long- time loading as being the most logi- 
cal base, supported by authoritative test data over many years, rather than 
on some other period of loading. The adjustment of f working stresses for ser 
_ shorter period of cumulative loading is then a matter of applying a. a proper — 
percentage increase, as has long been done for snow load or wind. E 
the > movement of trains over | railroad bridges subjects them to only : a = 
short cumulative duration of maximum load throughout their entire service =| 
= and some increase in working stresses may be warranted for that reason. 
= much is not known yet, but it will no doubt exceed 10%. On the other — 8 
hand, research work has direct>< increased attention to the si serious effects of 
_ seasoning checks on the fatigue strength of timber. Also, a recent investi- — 
_ gation shows that the conditioning of timbers prior to preservative treatment 
_ may be more damaging than has been supposed unless properly controlled. “4 
Until a better knowledge of all these factors is available it will not be possible 


oe) the design of timber bridges the railroads as a whole follow the recom- 

; ‘menmeiions of the AREA. Two classifications of loading are generally used, 

g for heavy traffic main lines and one for branch line loading. _ These are 
_ represented by Coopers E-72 and E-60 loadings, : and the AREA publishes 
computed stresses for these two classifications for various designs of trestles 

. On a number of commonly used span lengths. _ These loadings were developed 
for reciprocating steam locomotives. Diesel locomotives of teday do not rate 
as heavy, but no change in practice has been recommended in consideration 1 

Ly of increasingly heavy special car loadings and the possibility of future oper- 
a ation of other types of locomotives. - At least one major railroad is now using 


gas turbine electric locomotives of ay axle loading. - 
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ne to the design nal steel c or concrete “impact” ,as some 
7 percentage of live loading, is neglected by most railroads in their design of 


ng timber bridges, Allowable unit working stresses for timber take into con-_ 
he | sideration its increased strength for quickly-applied loading and no incre- 


mental load is therefore added. Where impact is. is specifically adde added, working 
lengths for timber trestles vary from about 12' to 16". Bents. 
five to seven piles or posts, with outer piles and rail piles battered. The 
floors of open deck trestles consist of three or four stringers under each rail 
supporting the ties. Common sizes for stringers are 8 x 14,8x 16 and 
10 x 18 inches. The stringers are usually continuous over two spans, although 


to some railroads use single span § ‘stringers lapped over | the bents. Ballasted- 
pects deck type trestles usually utilize floor plank over the stringers to « carry the 
of f ballast. Bents are braced for lateral stability with planking bolted to caps _ 


and piles, and may be tower braced re for longitudinal forces depending | on 


It is traditional in railroading that alias is of first teupevtenee | and this is 
ears reflected in the design of | structures. — _ It is the view of some that they may be 
> _ needlessly conservative | as regards allowable unit stresses for timber. Re- 
REA Bemice work may bear this out, at least in some respects, and with the greater 
es § attention given to details and to workmanship than in years past, it seems _ 
logi- “quite possible some increases may be seen in the future, 
in _ Pile loads used are conservative, varying from 15 to 20 tons in trestle — 
or any construction, the unit bearing stress-of the cap on the pile being the control- 
er F factor ordinarily. Unit working stresses in use for stringer vary from 
a ~ about 1200 to 1600 lbs. per square inch in extreme fibre stress in bending 7 
a _ These values are fixed to some extent by practical considerations rather _— 
vice | maximum allowable unit stresses. It is of interest here to note that over the 
eason. past 50 years the outstanding change in allowable working stresses has been — 
er | a 50% or so increase in fibre stress in bending, reflecting the principle re-_ 
ects of | sult of stress grading. _ AREA specifications require that the depth of string- 
sti- ers ‘shall not be less _ one- -twelfth the open length, asa restriction on wal 
tment 
led. 
ossible 


ing shear for beams and stringers it is usual to apply the Forest Products — 
Laboratory formula based on two-beam action, , which allows certain relief to 
the actual wheel loading and to dead load. 
pe Timber is comparatively weak in horizontal shear, and attention must be — 


given to the development of checking in railroad bridge stringers for this 
Treason. Laboratory tests indicate that horizontal shear may be even more _ 


ecom- 
used, 


ee critical in repeated loading than in static loading, and greater attention needs > 
ee to be given to design considerations for horizontal shear stresses and less to - 


fibre stress in bending. Actual failures in service of proper stress grades ce 
of stringers are rare, however. Since the higher s stress grades are of no ad-— 
Vantage as respects horizontal shear and modulus of elasticity, it appears a 
‘that the lower stress grades can be utilized with economy by the railroads in — 
- Longitudinal forces acting on railway bridges have been investigated a _ sat 
good deal in recent years. AREA specifications provide that substructures Ss 
shall be for a force equal t to 25% of | on driving 
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wheels, or a braking force equal to 15% of the live load on the structure, YS er 
: whichever is the larger, modified to reflect any proportion assumed to be 7 pi 
carried directly to the abutments or by the rails. In the case of timber s er 


trestles longitudinal bracing has been provided according to traditional — 
practice on the ‘railroads, gained from long experience, and the good judgment 
_ of the Bridge Engineer in the case of structures out ofthe ordinary. ~~ 
= Field investigations in recent years by the research staff of the Association 
of American Railroads show that braking and traction forces transmitted oe 
substructures are ordinarily small, the greater force being carried by the _ 
rails in both directions from the bridge or transferred to the embankment at 
the bulkheads. Pile bents lack rigidity and hence offer little restraint; field 
"measurements chow very low stresses in due to even severe ‘braking 


thes 

A 
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ees, an rail 

‘'- individual investigations, the railroads in recent years have progressed _ ~ mot 
research in wood structures in several fields, particularly in the fatigue were size 
strength properties of structural timber, the fatigue strength of bolted joints, [  fixtu 


and in fire retardant coatings and impregnation. Much of this work has been 

~ conducted in cooperation with other agencies, notably the Forest Products” ‘—. 
_ Laboratory at Madison, Wisconsin, and Purdue University. The lumber indus-| 
; try, the wood preservation industry, and others have assisted in these efforts. 
Thus far research has been in the field of solid sawn timber. Future re- oe 
_ search will include investigations into glued laminated construction. Much ~ 
ingore work has been accomplished; a great deal of laboratory and field 


investigation remainstobe done. 
_ In 1949 the first known tests in fatigue on full size bridge stringers was _ 


undertaken at Purdue University, sponsored by the AREA Committee on Wood tern 

7 ‘fae and Trestles, and in cooperation with the AAR Research Ceftter. The | emb 
Forest Products Laboratory acted as consultants, and conducted correlary brid 
_ tests of smail clear specimens at its laboratory in Madison. The Purdue in | conr 
vestigation directed attention to the likelihood of failures in shear in the case A 

of checked beams, rather than in bending, on span-depth ratios such as are " timt 

7 __ The labor, time, expense and difficulty of eliminating unknown variables | ‘tril 
- in conducting tests on full size stringers led to a program of tests on quarter- | the : 
scale specimens which could be carried out under carefully controlled con- | Pare 
"ditions, This extensive investigation, conducted at the Forest Products Labo- will 

_ ratory, was started in 1953 and is not yet completed. it includes tests on un- both 
ese! green and untreated air-dry specimens, and on both untreated and ~~ 
: specimens having artifical grooves simulating natural weathering rece 
checks, in both Douglas fir and southern pine. 300 static tests and 300 tests | fire: 

in fatigue are programmed. 

- = reported in AREA Bulletin 538 Vol. 59 for September-October 1957, the | mot 
fatigue strengths of untreated pine specimens tested at the Forest Products — pred 

_ Laboratory at 10 million repetitions of stress was from 40 to 50 per cent of ‘| trait 

_ the static strength of specimens that failed in bending and about 35 percent | A 


however that the test specimens did not contain all strength- reducing defects 


" : of the static strength of specimens that failed in shear. i It should be noted 
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TIMBER BRIDGES 
‘comparable in effect to that allowed in full size stringers, nor dothetests — 
_ reflect the 1e effects of increase in size on strength. ‘The results of this investi- 7 
_ gation remain to be correlated to tests to be conducted on full size bridge 
stringers at the AAR Research Center in 
One of the: problems that has ever plagued bridge engineers has been | that 


of the strength remaining in old timber bridges, such as that of stringers 40 
,...— or more years old. It is hoped through repeated load tests to procure data 


toa from which to evaluate such timber with much greater confidence. we 

— al Something has been learned about the duration of load on trestle spans as 4 
a’ trains pass over them. It is known that the strength of timber depends partly | } 7 j 
ae a upon the time to which it is subjected to loading and it may be possible to take 


advantage e of the short total duration of load to which timber trestles are iia 
subjected eng their service life. The AAR research staff is conducting — Be 
) - Another design problem that has received our attention in the past few jou - 
‘ years is that of the strength of the simple bolted timber joints in bracing 
q sy stems of Pile be bents. It is an odd fact that since the earliest days of our 
railroad construction, n, and throughout the years ¢ of increasingly heavier loco- : 
‘waa loading and constantly increasing speeds, there was no change in the 
size of bolt used in sway bracing connections, ~The 3/4" bolt remained a el 
fixture, even though most n maintenance of way engineers seemed to recognize 
| its inadequacy. | The introduction of spike grids was the first real effortto 
‘In 1952 an exploratory program of ‘repeated loading tests on simulated full 
orts. | size joints was started at the AAR research laboratory, using various size — 
_ bolts with two species of wood—pine and fir. These tests were set up to 
_ Produce comparative results rather than absolute values. The tests were not _ 
completed until late last year. The data has not yet been published but it was 
soon found that a one inch bolt was so far superior in joint strength to the 
—3/4n bolt. It is proposed to make it recommended practice. It was also de- 
Nood _ termined that in order to obtain the benefit of spike grids they must be fully 
_ embedded in the members. ‘This is not easy to accomplish in ordinary 


and irregularities in n shape of piles. 


case i A series of tests will soon be started to learn more about the strength of 
re timber in bearing across the grain under repeated loads of a magnitude - 
4, ‘comparable to that which obtains in actual railroad service such as where a 


arter- the service life of stringers more than any | other one factor due to the com- 
paratively low strength of wood in compression across the grain. The tests — 
will be made on full size specimens simulating ordinary construction, using ‘. 


es stringers bear on caps. This is a weak point of trestle design and a 


No feature of timber railroad bridges 
recent years than that of fire prevention. Contrary to popular ideas these 
fires are not caused principally | by locomotives, nor has the advent of the — 
diesel locomotive eliminated the hazard by any means. In fact, diesel loco- a 
motives set right-of-way fires from hot carbon exhaust just as their steam i. : 
predecessors did from exhaust cinders, heavier braking of the longer 
trains hauled by diesels have increased fires from molten brake shoe metal. 
_ Average fire losses to all bridges in the three years, 1954- 1956, as re- _ 
ported by the Fire Protection and Insurance Section of the AAR amounted to. hi 
($925,500. per year. This includes losses from maees to timber decks of steel 


| 

— 

— 

ests 

7, the 

icts 

fects 


= ioe as well a as to timber trestles, ne to overhead bridges. © There was 
an average of 208 fires annually, 
In numbers, the five major causes were (1) fires set by careless smokers 
(2) fires originating from outside sources (3) fires set | t by locomotives 2 
_ hot exhaust carbon or ash pan coals or oil drip (4) fires set by trespassers — 4 
and (5) fires set by hot brake shoes, in that order. In amount of loss the five 
major items were (1) fires originating from outside sources (2) fires from 
hot brake shoes (3) fires from hot boxes (4) fires set by workmen using 
acetylene torches and (5) fires of incendiary origin. In any one year, of _ 
- course, a few large fires can change this distribution widely. 7, Fires to til timber 
structures alone are not separately reported in the statistics. . 
Certain measures, in addition to good housekeeping practices, minis ‘been ; 
in use by the railways for many years to prevent fires or limit the extent of 
damage. These include the covering of caps and stringers with sheet metal, 
the use of fire barriers, the separation of long trestles with short sections of 
earth fill, and the installation of fusible-link detector systems which aida 
‘signal circuits or signal an alarm to the dispatcher. oT lace 7 
_ Chemical sterilization of the ground around and under timber rectors 
‘to retard growth o of grass and brush is proving very effective ir in ‘prevention of of 
fire originating on the right-of- -way. Sometimes mixtures of contact weed ~h 
killers with the soil sterilant are used to kill growth before the sterilant takes 
effect. _ Applications are made in both granular and liquid spray form. ~Du-- 
‘ration of effectiveness of the treatment varies widely according to. climate 
and local conditions but its general economy under most conditions seems es- 
_ Considerable investigation has been carried out in recent years in the field 
of fire retardant coatings, both by producers of these materials, by individual 
railroads, and through research by the AAR. The objective of course isto 
_ develop a protection that can be applied to vulnerable parts of timber bridges 
_ after they are constructed. It has been a real challenge to both chemists and 
a engineers; the solution has not been obtained although real progress has been 
made. ‘Some of the coatings utilize bituminous materials with fibrous or ee 


q 


_ mineral fillers, and reasonable success has been achieved with such coatings 
_ when applied to the horizontal surfaces of ties , and in which stone chips “/. 
gravel is embedded for protection against fires from hot brake shoe metal, J 
fussees, and the like. For vertical surfaces such as Piles in bents or in piers, 

where bituminous coatings tend to slump under heat, synthetic resin type 
- coatings have given good protection in tests ‘conducted by the Sante Fe R.R. “ 
On treated wood which has not aged sufficiently it is necessary to strengthen | 
adhesion of the coating with strips of glass fabric. It is no small problem to 
_ find materials that can be applied to preservatively treated timber and piles" 


and which will give durable protection for many years under severe exposure 
unc 


At the AAR laboratory in Chicago an extensive research program has been 
nderway for several years in which specimens which have been treated with 
Various retention of different preservatives are coated and then exposed to 


: wail standardized burning tests and measurement made of the loss in weight os 


a — sted deck type trestles are of course less subject to fire, and wel 
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“The ideal solution to this problem for ‘new construction of course is to 

. impregnate t timber with a fire-retardant chemical compound along with the 

; preservative used in treating the wood in the first instance, and there nn 

_ to be grounds for optimism from recent investigations in this field. — Experi= 
ments by the Santa Fe with an organic phosphate additive have been success- 
“ful in self- extinguishing fire tests and the prospects of its stability and ST 
‘permanent retention in the wood appears promising. = 
With either coatings or impregnation treatment the economy of protection — 
against fire, with due regard to safety, | must be satisfied to warrant general | 
The physical losses only from fire are not the sole — 
ation, however. ‘Delays and detours are equally costly, and when fires do oc- 
cur they are given unfavorable annie because of the hazard to life - 


interruption to train operation. 


| 
| discussion of timber bridges be com complete without some e dis- 
| cussion of test installations made of glued laminated timber in railroad 
bridges, and a prediction of its implications, on 
In 1944, eleven 7 x 14 ft. long southern pine “glulam” stringers were 
_ installed in a trestle on the main line of the Texas and Pacific Railroad near 
_ Woodlawn, Texas. These stringers were creosote treated after fabrication. _ 
Several laminated members in a trestle on the Detroit, Toledo and Ironton 
R.R. were installed in 1945. These were untreated timbers, consisting of 
‘In 1945, six 8 x 16—27 ft. long southern pine stringers, four 12 x 14—13 ft. 
caps and 16—12 x 12— -12 ft. posts were installed in a trestle on an industry ~ 
spur of the Southern Railway near Alexandria, Virginia. Half of the timbers 
were laminated with two inch thick boards and half with one inch thick boards. 7 
caps had top and bottom laminations of oak. These timbers were 
In 1946, two beams 15 x 24—16 ft. long of Douglas fir were laid flat to tial — 
‘port the rails in a trestle on the Chesapeake and Ohio near Newport News. 
The beams were treated with Minalith after fabrication. _ Another installation 
of eight 7-1/2 x 16—14 ft. long Douglas fir stringers was made that year in ~ 
trestle on the Chesapeake and Ohio Railroad near Ameagle, ,W. Va. These — 
timbers were also treated with Minalith after fabrication. a? ae 
, s In that same year the Southern Pacific built a two span trestle near Durnid, 
Col. installing fourteen 7- “1/4 x 17- -3/4— —30 ft. long Douglas fir and 
three caps. The timbers were treated after fabrication with creosote. ae 
as All of these trestle installations have been inspected periodically and | no is d0- ae : 
lamination of boards has been observed. _ Some checking has occurred but 
"much less than that observed in solid timbers where direct comparisons 3 _ 
_ Other installations of glued laminated timbers in bridges carrying railroad 
traffic have been reported. A most noteworthy installation is that of the 60 ft. 
long girders in two bridges constructed in 1955 and 1956 by Weyerhaeuser 
‘Timber Co. near + Longview, Wn. , designed for Cooper’s E-50 loading. Stres- 
ies in this bridge will be investigated by the research staff of the AAR. Last 
year the Santa Fe constructed a seven ‘span trestle in Texas utilizing glued 7 
laminated stringers 
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On the whole the of glued laminated timber in test instal- 

— lations has been very satisfactory. We now have fourteen years service from 
_ which to make predictions. - That may not be conclusive as to service life for 
the severe exposure and loading to which 1 railroad bridges a are . subjected, but 4 
_ there seems | no Treason a to suppose | the service life will not meee: of sawn | 


Ing summary 1s ie. , what is the future of timber bridges on the railroads and 
what is required of timber construction to retain the competitive oe it 


_ Timber trestles enjoy certain inherent advantages. eames of initial 4 | 
“cost is of first importance. The ease with which timber bridges may be re- 
paired using semi-skilled labor, the versatility to which construction in 

timber is adapted, the availability of supplies of piling and timber, all favor a | 
its economy in maintenance. Where conditions allow the use of short trestle _ 
‘Spans, and economy is is the deciding factor, as on secondary lines andon ~ a 
ee lines, there has been no equal for the timber trestle in many locations, 
_ The susceptibility of timber to destruction by fire isa serious obstacle. i . 


toward “meeting this problem but is still not solved, and it is a real naeael j 
to consumer and producer alike. There is little comfort in statistics of fire 
losses, , and so long ¢ as the hazard exists it must be considered when a de- 


cision is made as to type of bridge to construct. . Knowledge on how to eco- 


_ The control of checking from seasoning of structural timber is probably of 

“next importance. The natural strength of sawn timber cannot be in 
horizontal shear but something should be done to prevent the loss ofthat 

strength. | Large timbers suffer this loss after grading and usually after 

_ installation. The logical place to control and minimize it would seem to be at. 

3 the source. Such reduction would | permit of higher working stresses where = 
"higher stresses are most needed. Recent research in in repeated 


stated, serves to magnify this problem. ad fe 


_ Glued laminated construction is making remarkable records and may be 
"the only practical answer to control of checking. But here again economy “_ 
7 4 dictate the extent of its use. . There seems little doubt however that glued ‘g 
ees construction for railroad trestles and for short girder spans holds | 
great promise. What is needed perhaps as much as S anything right 1 now is i 
a at There is promise that these problems will be met and that railroads will © 


[ 4 be building bridges of timber far into the future. e. Certainly t the med timber — 7 
has earned in the past is well deserved. 


3 
; 
Si 
— 
8 
fi 


rRUCT URAL DIVISION — 


| 


Gloss, la. 


Development of modern timber connectors; including review of tests to es- 
‘tablish design loads, full scale truss tests, design and nd use problems. Dis- 
- cussion of the role of fastenings in new construction 1 methods for light fram- 


ing, and a new ' “family” of light-gage devices for trussed rafter 


inherent value of wood for | many uses would be lost. -Fastenings have ever 


3 been the key to better utilization of wood in construction. Improved fastenings _ 
l led the way ‘to literally “creating” an engineering material of wood. 
ee Changes in fastening methods have actually created new uses and new methods ~ 

construction to keep timber a primary construction material. to hold ts 


Any to a a great degree ii is dependent upon fastenings to holdits 
_ somehow to resist loads from some direction. The fastening plays at Leoat a 
three part role; from a technical standpoint, it must provide the necessary 
_ safety and have the desired rigidity « or stability, | and from a practical | 
_ standpoint it must be economical. The best fastening in the world fifty years — 
KS ago may be obsolete by present standards of construction; obsolete because - 
= technical improvements or simply by changes in labor and 1 material costs 
os Timber fastenings have improved the most in those specialized fields © 
where a change in styling has taken place. . Thus the engineering field has 
seen the greatest change with fastenings keeping pace and in many cases actu- . 
ally leading the adaptation of timber to longer and multiple spans, to greater = 
spacings, and to trusses and arches in place of beams; changes to permit use 
= timber for the changing building style demanded by modern anes in ef- 


_ Timber fastenings have not undergone a radical change, by comparison ti 
with some changes in construction methods, but the progress has been more pf 
than adequate for the need. Necessity has really been the mother of invention 
in the sense that improved fastenings oil been adopted only 2 as building es 
Note: Discussion | open n until June To the « closing date one month, 
a _ written request must be filed with the Executive Secretary, ASCE. Paper 1913 is 


_ part of the copyrighted Journal of the Structural Division, Proceedings of the eh 
. of Civil Engineers, Vol. 85, No. ST 1, 1959. 
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‘techniques have demanded something better. Thus the common wire a 
_ successor to hand cut pins and wrought iron nails, has remained vanes § un- 


changed for a half-century or more, not because improved nails were not 


available but because the ordinary nail was satisfactory and there has b been 

economic or market pressure forabetter nail, = 
a Similarly the ordinary bolt succeeded d the f fitted wood peg or the large steel 
- pins many years ago because of labor savings and greater efficiency, a 
- _ since that time little or no change or improvement have been made in bolt 


- fastenings. I tt has been shown in n the case of both nails and bolts that merely 


‘The best exaniple of fastening improvement. and adoption is the so- 
_ modern timber connector, which also clearly illustrates the inter-relation 
_ between theoretical and practical considerations. The modern timber con-— 
-nectors(1) made of metal were initially developed and used in Europe, prima-_ 
rily in ‘Germany ar and the Scandinavian countries, prior to and during World a 
_ War I when timber was called upon for many new tasks, just as happened in 
_ the United States during World War II. Wood construction although of tra- 
_ ditional importance in Europe had always been handicapped by the | ‘limitations 


sufficient demand to bring about a — | 
-called 


of the timber grown in the continental forests. _ The economic necessity of 
utilizing wood in construction compelled European engineers to seek means i. 
of improving the existing framing methods. The timber joint, long recognized 
as the critical link in every wood structure, was the logical point for im- a 
provement. More than 60 different types and variations of connectors were 
patented in Europe and some in the United States, prior | to (1930. oa 7 
it is ironical that some of the earliest timber connectors were developed | > 
and used in the States prior to the turn of the century, one toothed plate hav- 
in g | been | patented in 1889, but it it remained for the European engineers, because 
of war ur necessity, to put the ideas to work. In spite of the early “lead” i in 
timber connector construction in Europe, relatively little additional progress 
oF change was made beyond the World War I era, and it remained for the be 
timber connector ideas to find their economic niche in the States beginning 
in the early thirties and propelled overnight to a position of importance by 
construction needs of World War Il. 
Those fastenings most popular 30 found little practical 
application in the States. Technical advantages were only one facet of ac- 
ceptance. Labor and construction practices in Europe were not comparable, 
relative lumber and metal costs were differ ent, , and different | species were y ; 
used, _ Thus the types of connectors successful in the States have never found. } 
a good market in Europe. Considerable change and improvement has: been a ; 


ms ‘change has occurred in Europe. It must be noted however that, except for the 
Scandinavian countries, the volume of timber construction in Europe is very 
small and thus there has been little for al 


Fabrication and Use Conditions mi 


ll timber fastenings are dependent to sc some degree upon the ‘ilies 
content ‘conditions of the lumber at time of fabrication and in use, upon the © a 
~~ dimensional changes which may take place early in the life of a structure | or 
4 and upon corrosive which may have an 
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The effect of initial moisture content of the lumber vs. moisture content — 

4 in service has been rather well defined by laboratory tests which in general 
dictate a reduction in design values when lumber is not seasoned at the time 

of fabrication to approximately the moisture content which it will reach in ~ 
service. Recommended reductions for such conditions and general tection a 

; factors for seasoned lumber are considered adequate, on the basis of napa 
ence, , to take care of the less well defined effect of seasonal variation in _ 

< moisture content, which occurs in all structures. Thus from a design load -_ 
standpoint fabrication and use conditions present no real problem. a =e 7 

‘ . Dimensional change in the lumber itself due to change in moisture content _ 
~ generally requires consideration if lumber is not reasonably well seasoned 

; at time of fabrication; consideration in design to minimize the effect of di- 
‘mensional change and consideration in use by the engineer or building owner 

as to what steps are necessary to compensate for shrinkage. Obviously the 
total amount of dimensional change is proportional to the overall dimensions 

of a piece of lumber or of a a joint and thus there is relatively little or no _ 


large beams and long span trusses ™ 
Theoretically lumber shrinkage affects fastenings in three ways: loosen-— 
ing of joints beyond the range usually provided | for in basic tests, stresses in- 

: _ duced between fastenings due to differential shrinkage in different pieces of 

lumber at a joint, and secondary stresses due to greater deflection or defor-— 

mation with unseasoned lumber, There has never been a practical theoretical. 

approach to the question of the induced or - secondary stresses due to 

_ because of the great number of variables involved; experience has shown that _ 

reductions recommended in design values for fastenings used with un- 

_ seasoned or partially seasoned lumber are adequate to compensate for the 

-relativ ely unknown factors. From a practical standpoint the property of “ . 

_ lumber to yield under long time loads and to attain a permanent set, asin. 
deflection or as. relieving the internal stresses in bent laminated 
-members, acts also to relieve the internal or secondary stresses on fasten- a 
ings. would likely be impractical to design secondary stresses even 


accuracy. Conservative design values for fastenings as 
_Seemthe best approach, 
“oo Loosening of joints because of shrinkage is the one factor which can and 
should be controlled in most heavy type timber construction; . fastenings using 
bolts are generally employed for such connections as they can be tightened i _ 
necessary, and fastenings not suitable for tightening, such as nails and 
“driven” 
ie occurs. For normal dead and light live load, joints can be tightened(2) by “a 
_ turning up the bolts without relieving the load. When washers begin to embed © . 
_ in the wood, the joint is usually as tight as possible, and as a rule there is no 
: need to relieve the load or use oversize washers or separate clamping ar- 
rangements. ‘Normally one bolt tightening is sufficient unless the framing was 
totally unseasoned originally, or unless the assemblies are composed 
_ large-size members, such as beam and stringer grades, for which complete © 
‘Seasoning may take a year or more. _ The approximate amount of shrinkage of i. ; 
-unseasoned timber can be estimated at about 1/32 in. per inch of thickness or a 
width, A typical truss of about 12 in. thickness will thus shrink about 3/8 in a J q 
Normally, bolts should be tightened during t the humid season, so that the 
_ timber will not swell subsequently, because of seasonal increase in — 
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twenty years, engineers have worked with timber primarily | 
for heavy construction. The increased recognition and use of timber for engi- 
-neered construction b began ¢ during the early years of World War II, when many 

- designers for the first time came to realize the possibilities and advantages 

of timber. The resurgence of timber construction began in the thirties ft k 
all manner and types of timber framing, too often poorly applicable to modern 
construction techniques and not taking advantage | of more economical framing 

methods. Though only indirectly related to fastening means truss types have 
played a primary role in the development : and 1 increased | use of certain types — 


= ‘The eatin of a truss is to transfer load from point of application to the — 
supports as directly as possible. Thus for a concentrated load at the center- 
ae of a span, a simple “A” frame is the most efficient. Likewise if only t two 
equal and symmetrically placed concentrated loads are involved, atruss _ 
similar to the queen-post type is the most efficient. In both trusses, the side 
is transferred to the support directly through the sloping top-chord members 
without the need | for web | members. Few problems are so simple, , how ever = 
and the best solution usually - involves a balance between theoretical and eco- 
nomical factors. the relative economy of various shapes of 


Bowstring Trusses 


ve 


more or less uniform are ‘usually assumed in roof con- 

fs "struction , an arch in the shape | ofa parabola is theoretically the most effici- : 
7, 7 ent because direct stress alone is developed in the arch and in the tie a 
: _member, A parabolic — has no need for a larger arch section to take care 


lessen the ‘amount of "Because most structures n must sustain some = 
unbalanced load, however, web members are desirable, and a circular arc is 
simpler to fabricate than a parabolic | one. Thus the widely u: used bowstring — ot] 
truss has a top chord in a circular arc and sufficient web members to a2 
top-chord sizes reasonable, 
___ Bowstring trusses are usually analyzed for direct stress as though the top 
chord were in a straight line between panel | points. Top chords may be » glued- | q 
a to the curvature or may be solid timbers laid to the curved pattern i 
a or without their top surfaces sawed to the curvature. The bending 
‘moment due to eccentricity between panel points: must be considered both for 
_ curved-laminated members and for members sawed to curvature if the center- 
line of the member does not coincide with the assumed direction of axial __ 
stress. If joists are spaced along the top chord, this secondary bending tl 
_ moment may permit the use of smaller member sizes than wouldatruly _ 
segmental, sawed timber chord. In addition, because of their 
_lowable unit | stresses, 
members normally permit the use of smaller sizes. % They also eliminate or 


lessen the need for the seasoning maintenance required by some sawed 
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be m more expensive than sawed members. 
Top chords that have been mechanically laminated with nails, ‘bolts . = 

both are sometimes used for bowstring trusses. . Although their efficiency is — 

less than that of a glued-laminated member or a sawed member of the same 

size, they are suitable for use if the amount of nailing has been designed or 

~ specified on the basis of experience to provide the required strength of the — 

built- up section. — The section will usually be be larger than that needed for a 

_ glued-laminated member, but it will also be more suitable for field lami- tie 


_ ‘The use of nails in place of clamps for lui pressure in structural — cae. 
P gluing 


members is not recognized in U. S. standards. In Canada, however, much ex- 
_ perimenting has been done with nail-pressure gluing, and tests indicate lower 


_ and more erratic results than those yielded by clamp-pressure products. 


t 


_ “Nailing shall not be used as a means of applying gluing pressur me 


- except for gap- filling glues ‘such as casein. _ When used, flat-headed 
common nails or other nails of approved design shall be at least 2- 1/2 = 
= times the thickness of the lamination, and there shall be one nail for 
. 4 each 8 sq. in. of glue a area. Nails shall be driven home so that satiietnaad 


baal _ Where nail pressure is used for gluing, longitudinal shear and radi- 


al tension stresses shall be 60 per cent of those used for | clamp- Bas 
_ pressure products. All other stresses shall be the same as for clamp- Ty 


| 


; ation a their actual structural condition and not given undue merit nor nor 
: used in lieu of standard structural glued-laminated work. Innail- => 
pressure gluing, the nails are not considered as adding to the strength ae 
. the glue line but as applying the pressure to the glue line to obtain 


i FE . or pitched truss and thus is ; probably the most flexible of all truss types. 


- 7 For such constructions, proper lateral bracing should be provided for that _ 
Po "portion of the cur curved top chord which lacks | direct lateral support from the J 


Bowstring trusses have been the primary heavy construction market for sf 
bolted connections and for the smaller sizes connectors because the 


lued- web stresses are generally small. 


other connections are also. simple, as a 1 rule. ina truss, 
“they are much less complicated than flat-truss connections. 
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“Flat trusses are less efficient than either the pitched o or  bowstring type. 
= _ They are preferable only ifa pelatively flat roof surface, particularly one 
“7 with multiple spans, is desired. For lateral-bracing and column connections, 
~<a they have the advantage of seonlitiens a bracing effect, because both the top 
-_ and bottom chords may be attached to the columns. " For usual truss pro- q 
portions, their web-member stresses will be considerably greater than those 
for pitched or bowstring trusses and their web connections more complicated 


—s« Pitched and flat trusses have been the primary market for the timber con- 
_ nector system. of construction and are ideally suited to smaller spans ranging 


up to 60 - 80 feet; for use with readily available lumber sizes and for ‘simpli-- 
fied shop or field fabrication, 
Fastening and Joint Systems 
No new system of framing been for heavy construction for 
more than 25 years, when the lapped joint system using modern timber con 
7 nectors became popular. The two older systems of joint framing, 0 one ‘using 
_ gusset plates and that referred to as rod-and- block, have been rejuvenated in 
recent years for use with timber trusses single s solid members, 


lumber sizes and seaceenlbg method. With the lapped joint system the fasten- 
- -— either bolt or bolt and timber connector, makes a direct connection be-— 
i tween 1 members and thus is ‘more | economical than a ecw connection where 


“the number of joints to : a minimum, and particularly where trusses can be 
"standardized by timber fabricators to reduce the cost of the gusset plates 
themselves, the gusset plate single-plane truss can be very economical. The 
- gingle-plane truss with larger solid members has the advantage of improved 

fire resistance compared to a multiple- -member truss using the same gross 
chord or web member area. The cost of gusset plates can be prohibitive if _ 
only a few units are needed and if they must be purchased from a steel fabri- | 
-cator as a special small order. Gusset plates are sometime the only answer 
where stresses are such that a large area is needed to permit installation of _ 

type suitiiiel chord timber truss. Improved joint details have in recent years: 
eliminated most t of the hand fitting and special metal bearing devices and j 


have made the system quite competitive where large sizes of timber are 
available, and particularly for use with glued-laminated chord members. i ne 
No discussion of heavy timber construction and fastening methods would b be 
~ complete without mention of the role | of glued-laminated construction and the 
fast growing timber fabricating industry. Not only has glued-laminated con- 
_ struction created for itself a new field for timber in arches and long span 
beams, it has made possible many timber truss spans ; impossible of ac- ‘ 
complishment in solid sawn timber, and offers a premium quality ‘ “lumber'’ 


for ordinary trusses where appearance and and near from even minor 
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foe he timber fabricating i industry has comvnene’ d much t to improved pan 
and construction practice on the basis of its experience and knowledge of 
as an engineering material. The role of the fabricator will g grow steadi-— 
ly as both engineer and contractor become more aware that, though timber — 
aS, can still be fabricated by ordinary carpenters with proper supervision, there 
are if any advantages to doing-it-yourself. 


the Civil or engineer has for years been concerned primarily 


on- | with heavy construction—the 6 x 12 rather than the 2 x 4, But in timber engi- 
ing neering a new day has already dawned, a beginning of cugincering in light 


pli- ; framing. It not only offers a new w opportunity for engineers, the actual future i 
-  §— of lumber may weil depend upon the engineer applying his talent to the —_. 


prove, frame construction must be engineered to higher labor efficiency, to. 
nae : meet changing construction methods and to adapt to ‘fo changing building oun 


~ : construction field. To only maintain its present position, let alone to im- 7 


or is not enough merely to adapt past practices. j= | 

The problems of engineering light framing are many; the market is many 
3 times as great. As an estimate, there is aie aged ten times the volume of 

d in 4 lumber used in light framing than in heavy. No small part of the problems | 


rs, Fi “relate to fastenings. . Itis obvious that ordinary carpenter methods of nailing © 
a structure together at the site will not for long keep lumber in the competi- — 

tive picture. The avenues of f prefabrication and panelizing have been ~elguees a 

. | ‘for some time but with little | change from ordinary practice other than to “et 


sten- 5 make the process more efficient by moving it to the more mechanized shop. " : 


an \ _ Though adhesives may be the ultimate answer to improved fastenings for 

ere light framing, the initial engineering problem is to examine present methods — 

the _ and determine actual needs rather than to base new — primarily on 

As an example, considerable work has been done in light clear span roof a 
‘= trusses for homes in place of conventional rafters and ceiling joists. The : a 
The heel joint of pitched trussed rafters designed by usual standards requires ee i 


ved f fastening of 2,000 lbs. _ capacity, or more, while the nailing used in conventional 

j _ practice has a design capacity on the order of perhaps 500 lbs; obviously one > nM 
if or the other is an unrealistic answer. It is quite possible that entirely differ- 


swer 1 for heavy framing in which each frame. obviously. must support its own share 
n ot of the loading with no relief from other close-by frames. 
ad | New standards are needed in place of arbitrary building codes and even in 

we 3 place of design practices’ which were developed for heavy construction and 


years arbitrarily applied to light framing. Standards of light framing are needed to 
: oe define design loads more realistically, to separate and distinguish between 
ps ag requirements for strength and rigidity or stiffness, and to define acceptable 


eal | test procedure to determine acceptability of framing or fastenings incapable © 

ithe | Standards of acceptable performance based on tests are particularly im- 
con- portant for building components which seem to offer considerable economy, a : 
in and the standards s should not be unduly conservative merely because there has 


_— been no experience with the system. There ar are too many buildings “still stand- “ 
er” ing, which according to usual design practice should have failed long ago — 4 
St oo that current ‘ya practice or design loads for lor light framing are are as a 
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‘Fasteaings 1 
_ The ideal structural fastening has yet to be developed; it would have a high 


strength per unit to easily develop the strength of the wood, have small vari- 
ability and yet not require close quality control, , have minimum yield or defor- 
_ mation and yet give with change in wood dimension, and not require special — 
tooling or equipment. | Commonly ' used timber fastenings each has some of __ 
the desirable features but none is the perfect answer, nor is any one the best 
forallconditions, 

- _ Timber fastenings a are of ouy three basic types: rigid devices such as i 
‘most timber connectors which develop primarily the bearing o or shear value 
of the lumber; semi-rigid devices such as bolts where strength is a function 
of both metal and wood strength; and yielding devices such as nails which 
also | depend a on both wood and metal strength but in 1 which ultimate failure is_ 

: _ basically due to bending failure in the wire. It should be noted that for fasten- 

= _ ings such as nails and bolts, where the metal becomes deformed at a relative- 

: dy low test load, the design level is established at a relatively low load in re- 

lation to ultimate test value to guard against increased joint deformation due 
to the repeated loadings which occur in service. . It is also ironic that less 
detailed design and test data are available on nails and bolts than on the much 
‘Timber connectors, which were first introduced commercially in the _ 
- States 25 years ago, have grown steadily in use and are the only class of — 
structural timber in which any substantial improvement has 
— + made and become accepted. Connectors are by far the most efficient meten 
_ ing means in terms of design load per square inch of joint area and thus are 
ideal for the lapped joint multiple-member type of truss construction. Two 
types of connectors, split rings and shear plates, , are of most interest to the 
_ Split rings for wood- to-wood connections are available in 2- 1/2 in. and 4 
in. diameters. The tongue and groove “split” in the ring permits simultaneous 
_ bearing of the inner surface of the ring against the wood core within the ring 
_ and of the outer face of the ring against the outer wall of the groove. vale ys 
ie The originally introduced ring was made of rectangular cross-section 4 
7 metal—a so-called “flat” ring—which was subsequently improved by using an 
_inside-beveled metal section; and finally by the present style with a double- — 
beveled section. The special wedge shape of the ring section provides maxi- 


_ is fully si seated in the conforming ¢ groove. “Split rings and the companion type 
of connectors, shear plates, for steel-to-wood connections, are most 


~ 


_ sirable fastenings for completely prefabricated assemblies. a 


A Shear plates in 2- -5/8 in. and 4 in. diameters correspond i in elie to 
split rings and are used primarily with steel gusset plates in truss coa- 
struction, and with steel straps or shapes for anchorage of wood to concrete 
foundations. Like the split ring, they are installed in precut conforming 
_ grooves but are flush with the timber face once installed. Two shear plates, 
back to back, make the equivalent of a split ring for ‘demountable — to- a 7 


__-‘ The bolt in a shear plate joint transfers the load between the ne plate | 
and the metal side member. Thus joint strength may be limited by allowable > 
bolt shear or bearing. Like the split ring, the present style of shear plate is 
an improvement from an earlier style which used a a of —_ > and = P 
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connectors have proved effective not only in n retaining and recovering ‘markets ie 
put in establishing new ones as well.(3) 


1. Re ‘Relatively high joint : 

2. Relatively simple and practical 
minimum number of units or pieces to handle. 
he - 4. Adaptability to prefabrication for subsequent field assembly. 
Better performance when used under adverse 


- 1. Greater fire resistance because embedment of connectors in wood er 
duces amount of metal exposed to fire temperatures. 


Connector Design Data eT 
Originally many attempts were made to develop design data for connectors 7 
on the basis of metal and wood properties. It soon became obvious that such — 
“theoretical analyses were so dependent on interrelated properties as to be of 
“doubtful value and thus design data were developed on the basis of laboratory 
= The resulting. design values are about 1/4 the ultimate test values for 
parallel to grain loading, and about 1/2 the proportional limit values an - 
_ perpendicular loading. . This does not mean that a safety factor of four is ex- 
pected for parallel to grain loading, as the factor of about four includes ad- 
i for duration of test load as well as variability; the actual safety 
—aetore would be expected to be on the order of 1- -3/4 for a piece with maxi- 
mum variability from the average or 2 to 2- 1/4 on the a average. “Full scale j 
- truss tests have shown an average safety factor of about 2 after long amen ods 
* test loading and with average quality of ‘material and workmanship. y 


a 


Full ‘Scale Long Duration Tests” 
The Timber Engineering Company has a special full scale test apparatus 
“for 48 foot span trusses in which it studies truss behavior under long time Be | 
“loading conditions. Primary purpose of tests has been to study deflection, to 
test prove new designs, and to determine failure loads. _ ‘A ah oad 
_ Load is applied to trusses by a suspended sandbox to simulate panel- point — 
loading. _ The sandbox can be lowered to the support periodically to study the 
«effect of successive periods of loading and unloading such as might occur in 
an actual structure. Most test loadings have been at design load or greater, 
7 and since the average structure seldom is loaded to design load the tests are 
more severe than might be expected in service, 
Test trusses have included a flat truss, a combination | pitched- -flat truss, 
three pitched trusses, and at the present time a segmental bowstring truss. _ 
al trusses were ‘built of commercially available 2 in. and 3 in. lumber of 
average partially | seasoned lumber, and were site fabricated by ordinary - 
carpenter labor. Lumber and workmanship could be considered average. A 


~ The flat pratt type truss was exposed to the weather during a five- -month 


of design load and then overloaded to failure. 


_ The pitched-flat truss, known as a Lank-Teco type, was loaded continuously 
for six months, but protected from the weather, and then overloaded to failure. 
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A series of t three e pitched Belgian trusses were test loaded and ultimately 
“4 overloaded to failure. _ The first was loaded continuously to design load for a 
about o one year; the second was alternately loaded to design load for three i 
‘months and then unloaded for three months and the cycle repeated six times 
over a three year period; the thi third was loaded to one and one-half times de- 

The segmental bowstring test is in progress. . It has been ‘subject to the | ral 
three months load and unload cycle four times to date. 

number of comments can be made as the result Of the these 


duration or ‘intensity long- loading in the up to 1- 1/2 
times design does not seem to reduce the failure load. Failure loads 
ae from 1.8 to 2.6 times full design load, or 2.4 to 3.5 times design 
i load. Some of the large ratios were obtained from those trusses 

aa loaded for the longest periods. = 
. The trusses remain elastic in the “Tange | of loads tested, but exhibit a 
continuing slight increase in deflection which becomes a permanent set. 
The increase seems about the same in terms of duration of load —séSC9g 

7 - ‘whether the load be continuously or intermittently applied. In a typical 
; case for the bowstring test now underway, deflection increased from _— 
-.58 in. to .70 in. after ar three months loading periods separated by 
three months unloading. _ The recovery upon unloading and the im- | 


mediate increase in deflection upon re-loading remained constant at 


Peak 3. The safety factor of about two exhibited in these tests seems adequate 
~—s pa _ considering that loading was of higher intensity and duration than most 
: a F structures would ever encounter. The tests included at least the aver- 


age of unknown factors such as quality of workmanship, variability, and 


7 The average truss would be expected to carry an overload of 50% for 
“a a short time without failure, and probably serious structural 


i Companion long-time loading tests have been run of individual 4 in. split 
ring joints at design load and at one and one-half design load which ‘exhibit 7 
the same general deflection properties as the trusses and do not show any re- 
_ duction in failure load after as much as three years continuous loading. One 
- specimen has been under a al overload for nearly | six years. 


‘Timber Connector Joints 


types of joints are used aber ‘connectors, lapped 
‘multiple member joints and steel gusset plate joints. From a design sate 


_ "plates, are generally loaded parallel to to the grain and itisa a simple matter to. 
determine the required number and spacing. 
ab Lapped or multiple member joints, usually of five members in thickness, 

| is are somewhat more difficult to design in that different members at the joint 

n will have different requirements for connections, and it is necessary to de- 5 

; _ termine which requirement controls. _ Thus for a flat truss joint of a pratt 
- type, with the chord composed of two pieces, the diagonal of two pieces, and 
= vertical of one piece the arrangement of the pieces will determine the | 
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“pieces: next inside, and the vertical in the center, then between 
the chord and the diagonals carry a load equal to the resultant of the chord» 
stress (or the chord differential stress f for interior panel points) and the — 
panel point load which will be generally at a . small angle to grain in the chord © 
and at a substantial angle to grain in the diagonal. Thus since connector cn 
values are lower for greater angles of load to grain the he requirement for con-— 
_heetion in the diagonal will usually control with such a member arrangement. 
Similarly the connections between the vertical and the diagonals must carry | 
the stress in the vertical, and the connectors rs would act parallel to the grain 
in the vertical and at a : substantial angle to grain in the diagonal; again the - 
es requirements in the diagonals would control. Since the same bolts | 
would be used, generally the same connections would be used from the chord © - 
to the diagonals as from the vertical to the diagonals, whichever were -the 
"greater. _ It should be noted that no actual computation for connection re-_ 
- quirements is made, with this member arrangement, fo for the eee in the 
_ If on the other hand the diagonal pieces were placed on the rn the 
nei pieces next inside, and the vertical pieces again in the center the con- 7 
nection requirements are different. In this case the connections between the 


diagonal and the chord must carry vg diagonal stress acting parallel to the — 


than in the previous arrangement. Similarly the connection from the vertical 
to the chord would carry the vertical stress but be perpendicular to the chord. 
In this case no connection computation is made based on the chord stress. . 
From a theoretical standpoint the arrangement | with the chords on the outside 
is the more desirable. From a practical view, if there should be seasoning 
checking in the diagonals it is simpler to maintain or in in an extreme care to — 
‘Teplace them if they are ont the outside. 


_ The question is sometimes raised as to the effect of eccentricity since ihe a 


a the members. _ With respect to the fastenings themselves such secondary “4 
stresses were present in the basic tests on which design values are based _ 
_and thus need not be considered. The secondary bending stress due to the 

"eccentricity should be considered in the case of double compression members 


on the outside which are not restrained laterally by other cromtng or by block- 
ing totie the two piecestogether, 


ee A design feature unique to timber is that of eccentric joints. Where feasi- 4 
ble such joints should be avoided but, if not, it is important to note that there 


_ | are three separate considerations for such joints. First the connection needs — 


are determined without respect to the eccentricity. Secondly, the vertical 
shear introduced by the eccentricity is analysed using a reduced section de- 
pending upon the location of the > fastening —the so-called effective depth. Usu- _ 
ally the shear computation will control. Thirdly, if the joint itself is satis- ae 
factory then the bending moment introduced by the eccentricity is considered 

_ in combination with the direct stress in the member subjecttothe = 


joints but it is likely nails will become more important with the growin 


iii 
q 
de- 
ads 
lesign 
pical 
by 
at q 
— 
ral 
spl it 
ny re- — 
One — 
— 
— 
| 
and- 
shear 
ter to alt 
— 
— 
att 

and 
he 


interest in n design of light enter. Bolts are rather widely used for heavy © 

i construction in much the same manner as timber connectors, with the larger — _naile 
diameters from 3/4 in. to 1-1/2 in. being efficient for usual thicknesses -rafte 

refa 
_ spite of nails and bolts’ being by far ox older types of connections, there!) P : 

; are much less detailed design data available than for timber connectors and § ly”o 


there have been few improvements which have found acceptance. Many have { clipe 
- felt that design loads for nails and bolts are too conservative but little data = pore 
have been developed to substantiate any increased values except by reducing laps 
the ratio between design and failure loads. _ The factors admittedly : seem . 
large, compared say to timber connectors, if one does not consider the differ- - type, 
ence in function of the joint, or the great variation possible in joint strength © -lappe 
_ due to factors such as variation in wire used for nails, or rate of boring or — - type 


_ smoothness of holes for bolts. Design data for nails and bolts are based more 0 


on reasonable joint deformation than on failure loads, recognizing thatthe § ynic 
_ joints are less elastic in that the metal becomes deformed at a relatively | low “equi 

It has been suggested by some that nail values be increased up to double E ‘Brac 

"present values, which could have the effect of increasing joint deformation be meta 


four or more times the present values. While such change may be logical, — load: 
and safe, it would seem that it must be coupled with more specific data on 4 

‘the exact effect of moisture content change, nail spacing, effect of minor split- are | 
ting, and similar factors which are not covered by present — whic 
If more detailed data on nails are developed it is likely more advantage ‘ B edu 
‘will be shown for special nail types which have proven superior for appli- S by 


_ cations w where improved withdrawal resistance is important. - The so- -called all tl 
annual- -grooved and threaded nail shanks, and hardened nails may be the plate 
answer to problems of proper embedment, elimination of clinching, and B men 


_ Similar need exists for better data o on bolted joints. Data on details of ; A fe 

joint design are very inadequate in respect to actual effect of change in _ — 

moisture content, required spacings and end distances, net section desi ine 


and possible advantag different quality of tal. —_—- , 
; possi vantage in different quality of me pie com 4 base 
toot 


Joint Systems 


are of ay 
beginning during the home building boom immediately following World 
War ae with the introduction ¢ of trussed rafters to to provide clear spans. ‘The 4 
system ‘as such was not new, having been used widely in the CCC camp © ao 
program of the middle nineteen-thirties and in many public housing projects © 
of the late thirties. But beginning in 1946-47 the trussed rafter system be- — 
| of interest to private builders; starting with huge projects 
and soon sweeping into the individual Rome marke, 
It was natural that joint framing methods originally adopted were those 
24 ‘scaled i down from heavy construction, such as 2-1/2 in. split rings. The rings 
~~ used substantially the same member arrangement as conventional framing 4 
r i and required a minimum of special tooling or jigs. Split ring trussed rafters 
were easily fabricated at the site or in a shop and capable of assembly by 4 
ordinary labor without special forms. it was from the beginning that 
substantial savi 
spans. 
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y nay most trussed r: rafters were made € either er with split rings or with 

nailed gusset plates; some few used bolts alone. As the market for trussed | 

3ses grew, some carpentry subcontractors and retail lumber dealers began 

5 to specialize in fabricating and furnishing rafters. The majority of firms in . 

_ prefabricated housing began using trusses. There soon appeared a new “fami- 

ly” « of metal devices and joint ‘systems for use in trussed rafters and metal 


clips for use in better carpentry joints. | 

russed Rafter Devices 7 
‘The devices for trussed rafters are all of the gage ‘metal ‘gusset Plate 4 
type, with truss members all in the sdme plane as distinguished from the © q 


lapped joint split ring rafter; variations include method of installation re 
One of the earliest types was essentially a prepunched gusset through 
which nails were driven. The device is simple to use and d requires 1 no special 
equipment, though recent fabricating | procedure makes use of a power — 
machine in place of hand nailing. As marketed under the trade name aa: 
‘Brace(4) gusset plates for opposite : sides are made from a single piece a 
‘metal so that the end view of the device appears as an “H” shape. Design = 
loads are essentially usual design values for the nails ‘employed. i et 
Another system uses a gusset plate from which a a series of of triangular war tooth a 
are punched in n much the same principle as devices called clamping plates, shied 
- which have been used as tie spacers in railway work for many years. Market- 
ed under the trade name Sanford Gri-P- -Late(5) the devices must be installed a 
by mechanical means, usually a power press, to insure proper embedment of _ 
all the teeth simultaneously without warping of the plate. In practice the 
plates are positioned on opposite sides of the rafter joint, with the truss 
3 members h held in proper position in a large movable jig. . The jig is then — 
moved to position each joint under the press which quickly seats the plates. : 
ne few nails are used initially to hold the plates in position before pressing 
and to assist in preventing the plate from working loose after pressing. — 
7 Design | procedure for the toothed type gusset plate has. ap, pparently been — 


_ §| A third type of gusset plate known as Gang -Nails(6) makes use of a series 
had of approximately 1/8 in. by 13/16 in. “nails” punched and bent from 14 gage _ 
1 8 | metal plates. The nails are at 13/16 in, centers staggered in rows 3/8 in. ees 
he apart. Standard plates are furnished in a . variety of sizes to fit most common 
7 trussed rafter joint requirements. Installation is similar to that for the ms Desens: 


ects toothed plate type, making use of a power press and movable jig. 


Design method is based on full scale and individual joint tests and upon an 
ts al engineering analysis of stresses in the nails. Approval has been obtained 
sol from many local building codes and government housing agencies for specific » 


— ‘designs employing the device, and in some cases of allowable load per nail. 
rings A fourth type of gusset plate, Tim-Plate, (7) is unique and technically ideal é. 
ng in that 22 gage metal plates are placed in saw kerfs i in the n narrow edge of 2 in, 


“Special nails are . 105 in. "Key: to production is 
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ani automatic nailing machine which properly positions and drives a large 
he Design procedure is based on full scale | tests and upon an engineering _ | 
analysis of allowable values per nail. The system has been accepted by many 
building codes on the basis of standard designs and test results eels 
ve ot An interesting detail of the Tim-Plate system is that the primary bottom 
chord joints are made as acart joints, and thus the designers claim that the 
22 gage plates need be adequate only for shear stress along the diagonal 
scarf rather than for the direct stress in the bottom chord. ae " 
_ There are a number of other systems of trussed rafter gusset plate con-_ 
nections similar to several of those described. _ Each ¢ of the systems, includ- 
_ ing split rings and nailed wood or plywood gussets, and also’ glued gusset ‘ibis 
a has some advantage and should continue to grow with the market. The 
special metal gusset plate systems described are generally being licensed for 


exclusive use in different areas rather than being available to every potential 
user, which is understandable considering the investment in special — ees 


"equipment. _ The owners of the generally provide | — services 


of metal devices for use in light is the so- called” 
_ framing anchors, such as Trip-L- Grip, (8) made of light gage metal which are. 
used with nails to ) provide stronger or better designed nailed connections ons than” 
are e possible with | ordinary nailing. In some cases the devices provide more ia 
reliable and stronger joints, such as for roof anchorange and in pongo 


for joist hangers in place e of stirrup | type ye strap hi hangers. 
A large number of different type of framing devices, usually 18 gage, are 
being marketed j under» various trade names. Primary housing applications © 
are for roof a1 anchorage and joist hangers, and large numbers are used for all 
types of joints in those areas requiring design for seismic stresses, and aed 
farm buildings where wind resistance is a prime e consideration. - Anchors are 


a to develop shear \ values s of nails, and for a few styles to be applicable 
iver 


_ With the increasing pressure to reduce labor costs, it is inevitable that - 


_ changes in methods of framing and likely in sizes and formoflumber __ 
products; and with more emphasis on fastenings tailored to the engineering © 
"need of the new systems. ‘Ultimately adhesives will undoubtedly replace 


light framing will undergo many changes in the relatively near future— a 


_ mechanical ‘connections but there will remain many y applications for metal 7 
Fastenings w will likely become more complicated rather than simpler, as 
construction moves toward further prefabrication in the shop where the use 
of special devices and special framing will be justified on the basis of need 
economy. The material supplier, or the lumber dealer, will become a 
Component manufacturer rather than a raw material ‘source. 
_ In heavy construction the timber fabricator will become the « only logical v 
soures for timber framing. Timber fabrication will likely become an _ 
of many more lumber ‘manufacturers, particularly for the larger projects. ” 
_ ‘There is still much room for improvement in fastenings for heavy con- 
struction, and itn no new wy type of device is on the horizon at present, — 
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Proceedings the American Society of Civil Engineers 
ON: THE SOLUTION OF RIGID BY THE 
Thomas: D. Y. Fok,! A. ASCE and Tung Au,2 A. M. 
“SYNOPSIS 
The oon presents r rigorous proofs o: of the applications of cobain ont analogy 
‘to ‘the of single- whose supports be or 


In the analysis of statically indeterminate _ structures, the method of column 
r analogy(1) has long been recognized as a powerful tool in the solution dias - 


Since this 
type of structure is statically to the third if 


ports are fixed, the general equation of column analogy is derived from -— 
solution of three simultaneous equations resulting from the consideration 
= consistent deformation of the : structure. If one or both supports 3 of the eS 
structure are hinged, the solution will reduce to simpler forms for these _ 
special cases. There are, in general, several ways by which the redundant | 
reactions of a statically indeterminate structure can be removed. It can 
_ demonstrated by the actual solution of a problem using column analogy that 
any basic determinate structure derived from the given problem leads to the © 
same final results. However, the rigorous proof of the method is usually _ 7 
given only for the case in which all redundants at one support are removed or 
aa the basic determinate structure acts as a cantilever. When, in some 
applications, it is more convenient to choose a different form of basic Se = 
terminate structure such as a frame with one end hinged and the other end : 
‘simply supported, the validity of the method is often upheld by inference. 


Furthermore, when one or both supports of the actual structure are hinged, — 


the general ‘proof breaks down a although useful results’ may s still be obtained by 


_ Note: Discussion open until June 1, 1959. To extend the closing date one month, “a 
written request must be filed with the Executive Secretary, ASCE. Paper 1914 is 

_ part of the copyrighted Journal of the Structural Division, Proceedings of the 
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_ proper manipulations oft the section properties of the ; analogous column. “This 
ae paper presents a rigorous proof of the method based on the basic determinate. 
4 structure of Fig. 1(b) for the given frame shown in Fig. 1(a), with special _ ae 
; reference | to the cases when one or both supports of a given frame are hinged. 
In Fig. 1(a), the frame consists of members of known lengths and cross- a 
sections so that the moment of inertia I of any section about its centroidal 
_ axis can be computed. The material for the frame has a modulus of elasticity — 
EB — Point 0 is known as the elastic center of the frame, which is the es | 
ty of an area having the same shape as the frame except that its width is equal 
— to 1/EI of the corresponding member of the frame. By the principle of super- 
position, Fig. 1(a) may be considered as the combination of Fig. 1(b) and 1(c). — 
redundant reactions of the given frame are removed, the bi basic de 
shown in Fig. 1(b). In order that the deformation of the frame may be con- | 
‘sistent with the ‘Support ¢ conditions in Fig. th the redundant reactions 


cause the same rotations and displacement in opposite directions. In 
“Fig 1(c), My, Mp, and H' are shown to cause 64, and Aj in the same 
rections of 64, 9p and AH respectively; hence they are opposite to t the di- 
rections of the corresponding redundant reactions Ma, Mp and H. As a -~ 
‘sult, Fig. 1(a) represents the difference of Fig. 1(b) and 1(c), i.e. 6, - 94 = =0, 
B 0 and Ay - Ay = 0. Let M be the moment at any section of 
tame shown in Fig. Mg the statical moment at the same section of 
= basic determinate structure in Fig. 1(b), and Mj the moment at the same — - 
7 (3 section due to MA, MB and H' in ‘Fig. 1(c). The s statical moment Mg can be © 
obtained from the given loads by statics, whereas Mj is to be evelentnd by the 
- method of column analogy . In general, then, M = Mg - Mj; | and { for ‘Supports 
and B, Ma = 0 - Ma = and Mg = 0 - = =-Mp. 
The general procedure in M, by the m of column analogy 


be summarized as follows: _ > de’ 


The cross- -section of the : analogous column has the same shape as that 
- of the g given structure except that the width of the cross-section is ‘ati 
- equal to 1/EI of the corresponding member of the frame. ein 
* The loading in the axial direction of the analogous column is equal to’ 
_ the M,/EI diagram o of the basic statically y determinate s structure, , Posi- 
tive M, being considered as downward load. 
3 3 The "The upward pressure at any point on the base of the analogous ioe 
the moment at the corresponding point of the frame 
1 


reference to Fig. 1a), Yo be the | coordinates a with 
respect to the elastic center 0, and x and y the coordinates of the same point — 
with respect to point A. Then, x = x + Xe and y = oe Yo where x and y are the 
7 ‘coordinates. of point 0 with respect to point A. Let ds be the length of : an 
element along the members of the frame and the integrations from o to s © 
represent the path ACDB along the members. - Hence, the eee procedures | 
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il properties with respect to x, and yo ax eee 7 
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Figure 
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1 = O 

Moments of Inertia: 


2. The cenit on the aaa can in general be resolved into a 
axial force and the moments about Xo and Yo axii axis: due 


the eccentricities oft the loading: 


Axial force: 


about x, nie: 


axis: % > 
3 


M about Yo axis: 


obtained by th the formula for eccentrically loaded short 
oy 


of Eqs. and for the basic determinate structure shown in Fig. 
By the principle of virtual work, (3) the rotations and displacement in 

Figs. 1(b) and 1(c) can be obtained as follows: 


— 

— | 

= 
eet 


RIGID FRAMES 
_ where m, My is the moment at any point of the basic determinate structure due 
to M4 = 1, mp is the moment at the same point due to Mp = = 1, and mp is the 
moment at that point due to H' = 1. . With reference to Figs. 2a), 2(b) and 2(c) 


‘the in Eqs. 


= 


also from Fig. 1(c) that the vertical due to MB and Ht i 
= =(M A - Mp - H' ate Mj at any point on the frame — 


rs 


‘Then On and At, in ‘Fig. can be obtained and ‘simplified by by 


| 
if) m in Fig. b) can be obtained and simplified by 
2a) 
— 
| Mem ds — p- 
ip 
“a | hy as 
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Similarly, 


ix 


ec equating On = 64, 6 6b, and Ay = = - Ah, three simultaneous equations 


Mey 


vie) 


Solving these equations by elimination, one obtains by adding Eq. a 1 
q. (6) the following: ae 


= 


By subtracting ti h tenes mes Ea from (0 


V' 
Foy ~V Toxy 


| 
a | — 
| 

— 

— 

| 
(6) 

| 

— 

an 
Substituting Eq. (9) into Eq. (7) and simplifying the result in the similar = a 


anuary, 1 


and solving Eqs. (9) and 0) 
a pts He 


By substituting Eqs. (11) and into Eq. (4), one obtains the desired 


Since On OA, but op =6 and (7) are valid for the so- 

lution of H' and V' if MA is set to be equal to zero. Thus, by multiplying 


(15) 


| 


1, 
"Hence, Eqs. (15) and (16) become: 
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My 


it is to be emphasized that, in this case, : all quantities in Eq. (17) are referred 


tox and y axes having the hinge at support A as origin. 
e 


> For another special case of a frame in which both supports A and B ar 
‘Ringed, = 0, Mp = 0 and V' = Hh/L 


= ~ 2h (Toy + [a (Toy * tax? H’ 


qt _ Again by transforming the moments and section properties of the ee s- 

7 column to x and y coordinates with origin at point A, it becomes: — a 

My 


M, mis 


into Eq. (18), one 
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It is to be noted that, if hinges A and — are at different level, the inclined line 
joining the two hinges may be chosen as the ordinate and denoted as x'- axis. 
_ By the rotation of the ‘coordinates whereby x' and a axes are inclined at an ‘ 
angle of arc ee h/L with —" to x and y axes respectively, Eq. (19) 


‘Then, the solution of the problem with hinges ; at different elevations can be 

simplified to the same formas Eq. (20), 
Although t the expressions derived in this paper are well known, , the rigorous 
proofs of their validity have been conspicuously lacking. . Itis believe ed that 
the proofs presented in this paper serve to clarify some applications of fthe ¥ 


method d of colu column analo for the anal sis of of d frames and a: hes ; 
mn gy for the analy rigid m rch S. ‘all 
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cet In the past century the American Railroads have used 


peg . The total wood bridge mileage is shared about equally with steel, | 
‘but is twice that of f concrete. In a addition to being widely used in lacing ni con- 


billion track ties in service at present in this country. It is thus apparent 


q that wood plays an important role in the rail transportation picture. a 


The natural inherent properties of wood make it an ideal material for use — 
in railroad structures. _ Wood has a property which differentiates it from _ 
“other materials and | one which is very useful to the engineer. . This is the re- 
lation of its bending strength to the duration of the load. Under very short = 
_ durations of load wood exhibits much greater strength than when the loads are 
ofa long sustaining nature. However, if these short load durations are re- : 
é peated often enough they can ‘accumulate to several years duration. Railroad 
loadings are of a short duration, but may be repeated several million times _ 
during the life of a 1 structure e. It is the er effect of these e repetitive 


— 
“Present Specifications 


specifications in use today recognize the duration of load with 
‘respect to stresses in timber structures. The National Design Specifi- 
cations, (1) for example, make their recommendations on the basis of a 

“normal load”. This type of loading presumes that the duration of full design 
= stress will not exceed ten years during the | life of the structure. . This total — 
i duration may be either continuous or intermittent, but the cumulative | effect 


shall not exceed ten years. Increases of stress om this normal working — 


Note : Discussion open until June 1 , 1959. To extend the closing date one month, 4 oe 
_ i _ written request must be filed with the Executive Secretary, ASCE. _ Paper 1915 is 

! _ part of the copyrighted Journal of the Structural Division, Proceedings of the “& 
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- stress are permitted such as for wind or earthquake loads which are of rela- 
tively short AASHO Specifications are also based on on normal 
loading. 
The AREA Specifications f for the Design of Wood Bridges and | Trestles(2)_ 
also recognize load duration, but unlike the National Design Specifications, — 
theirs are written on the basis of “long time loading”. This means that rail- 
road live loads are capable of stressing the structural element to its full de- 
_ sign stress for a cumulative total duration of more than ten | years. | Working 
_ stresses based on long time loading are about 10 per cent less than those 
based on normal loading. Increases of stress under this long time stress 
_ level are permitted in the AREA Specification where the duration of the load 
is relatively short, as in wind loads, longitudinal loads from starting and 
a _ Stopping of trains, "etc. For a structure such as a platform, building, i 
_ that is not carrying live loads, the working stresses may be based on normal 
loading. The AREA recommendations of “long time loading” were considered 
suitable at the time they were written and have remained unquestioned for > 
many years. The inaccuracy of this requirement can be readily demonstrated 
by considering a mile long train crossing a bridge at wal mph once every five | 
minutes for the life of the structure, or say fifty years. . This then would load 
the bridge 20 per | cent of the time or ten years. Every railroad in this 
country would like to run trains this often, but unfortunately they do | 
a The Forest Products Laboratory has conducted investigations to determine 
4 the relation of ultimate strength to the duration of load and in their Report — = 
“i R1916(3) is shown a graph similar to Fig, 1. _ The ordinates of this graph are 
=" J 
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cent time loading” and 110 per cent as “normal loading”. 

7 ‘The duration of load for normal loading is ten years, with long time loading — 
in excess of this. It can be seen that for short durations, working stresses" 
can be substantially increased. 

AAR Field Tests 

: In order to. determine definite relationships between railway live loads and 

; = in 1 timber trestles, the AREA requested the AAR in 1954 to. adopt x 


field testing program. To date six such trestles have been tested. 


‘Fig. 2 shows one of the Seaboard trestles and Fig. 3 one of the Santa Fe. on 
_ trestles. During these tests, stresses were recorded in the stringers, piles 
bracing under regular scheduled passenger and freight trains. 
test trains were also used to secure a complete r range of speeds : and to de-- 
velop braking and traction forces onthe structure. = 
on Stresses (or strains to be exact) were measured with 6 in. SR4 electrical 
resistance strain gages. The response > from these strain g gages were record- 
ed by 2-12 channel oscillographs, which permitted the recording of 24 simul- 
taneous strains. Fig. 4 shows a typical oscillogram ¢ obtained during the test 
of one of the Santa Fe timber trestles. In the center of this figure is shown © 
the reproduction of part of an actual oscillogram from this test. ‘Galy two | 
traces are shown. The upper trace represents stress at Gage A, at center of 7 
span, during the passage of a Class 200 Santa Fe diesel locomotive. Th 
locomotive at the top of the figure is shown in the position which produced ie 
stress indicated at Point C C. The lower trace represents stress at Gage ‘B, 
Baines center of the bent, during the passage of this same locomotive. The 
locomotive at the bottom of the figure is shown in position which produced the 
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‘Fig. Santa Fe timber trestle No. 559.2 near Powell Arizona. 
a wd The two traces ieee are actually graphs. of the variation of live load 
_ stress at Gages A and B as the locomotive and cars cross the trestle. The © 
* ‘stringer on which these gages were placed is 7 x 16 and located cl close to the 
center line of one rail. _ The stringer is about 28 ft. long and is continuous 
over one bent as shown. ‘This is typical trestle construction. The measured 
__ stresses at Gage A are, thus, principally tensile and result from a positive e. 
*@ bending moment at the center of the span. 
are, of course, also tensile resulting from the negative bending moment over 
the bent. Tensile strains are indicated on these oscillograms as a downward 
: ‘deflection of the trace. ‘These ‘trace deflections are measured from a abase 
line, or zero stress level, taken before the locomotive reaches the — 


aa at the top and bottom of the record. er lines are spaced on n the actin ; 


al oscillogram 0.01 sec. - apart, but for lor clarity only the 0. 10 sec. lines pare 

_ The two traces shown are of quite a different aiiiiiin,: ie for Gage A 
indicates that after each truck or pair of trucks has crossed the > Span the : 

_ ‘Stress at Gage. A returns to zero (or slightly into compression). The trace 


- _ for Gage B, however, indicates that as long as the locomotives are over the 


bent the stress at B will not return to zero, but t fluctuates between a maximum 
_ tensile stress and a lower tensile stress. | 


aie ‘This particular oscillogram wz was taken at a train ‘speed of 44 ‘mph and the 

‘jagged appearance of the traces are the consequence of this speed. Traces ob- 
tained with this same locomotive operating ata . speed of about 5 mph are 
_ and the maximum stress obtained at this speed is termed the static | 
stress. The difference between this static stress and the maximum shown on 


the oscillogram is the dynamic for this particular run or what has been 


- referred to in the literature as “impact”. In this case the ‘ “impact” was 10 
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maximum static stress at A oscillograph trace) 
is shown to be 313 psi and this is taken to be 100 per cent on the ordinate __ 
scale. S For _ gage at B the maximum s static stress is 418 psi with the 100 


‘mind, however, that the of this ‘stringer included dead load, 
simple span bending moments were used, a live load greater than the Class © 
200 diesel was used and some impact may also have been allowed. If the axle 
loads on Fig. 4 had been | heavy enough | to produce design stresses the shape — 
of the oscillograph trace would have been the same as shown. since the shape 
- = the trace is primarily dependent on the axle spacing and the span length — 
= not on the axle loads. _ ‘The 100 per cent static stress level can thus be | 
_ considered the same as the design live load stress. 
_ Duration of load and stress must be associated together and it was for this 


"reason that ‘stress lev els were established, based on the static stress, and 


_ ordinates of Fig. 4, The duration of ‘stress was s then determined at — 
gage location and at each of the above stress levels. . For instance, on the — aa 


. 4 of line lengths a- -b, c- -d, e- 2-f, g- -h and a 2 portion of line i- “j. _ For this particular 


run the total loading time | was about 2.0 secs. for the four units or only 0.5 7 i q 


7 a ration of stress becomes ‘much less and at the 100 per cent level the loading 7 
; Be: per unit is practically zero. On the lower trace the total duration i. 
stress was determined similarly. However, it is apparent here | that the 5 
_ per cent level of live load stress was maintained for 3.0 sec. for the “1 
of the locomotive, or 0.75 sec. per unit. 
This method of determining the duration. of stress was also applied | to car 
loading since many oscillograms were under entire trains. 
As was pointed out previously, six trestles have been tested to date. Each 
of these trestles has been analyzed by the method just described, which in- | 
_ volved 232 separate oscillograms, 613 diesel units and 935 cars. The speed 
varied from 5 mph to 86 mph. - _From this os maximum average duration 


uration of Stress” 


_ 7 ‘graph showing this i is on n Fig. 5. At 100 per cent of static stress the average 
duration of stress for a diesel unit was 0.19 sec. . and for a car was 0.13 sec. 
At 110 per cent of the e static stress | or with 10 per cent impact these durations 
“reduce t to 0.07 sec. and 0.09 sec. respectively. * higher impact percentage 
>. ‘This data can be considered | representative of general t traffic conditions 
and thus a reasonable e extrapolation can be made from it. Consider the life of 
a timber trestle to be about 50 years and that during this period 50 trains per 
> _ day cross the trestle, with each train consisting of three diesel units and 100 
cars. Based on 0.19 sec. for each diesel unit and 0.13 sec. for each car, the 
cumulative loadings time would amount to only 143 days. This is based ona 
"duration of 100 per cent of the static stress, but even if the total duration is 


_ based on only 50 per cent of the static stress the cumulative loading time 
would amount to only 509 days. — 
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ON AAR FIELD TESTS OF 
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will not exceed ten years as the current AREA Specifications indi- 
cate, but will fall far short of this figure. It would seem, therefore, that a e —_ 
_more rational basis for stresses in members carrying railway live load would — 
be a loading of about 10 per cent higher than “long time loading”. _ Actually, — al 
according to the data just presented and according to the chart of Fig. 1, 
weg type of | of loading could be in be increased creased by about: 20 20 per 


ue Strength 


“loadings is of such an extent that the strength of the stringer throughout its 
a" life will not be reduced by this effect | alone. However, it can be readi- 
: ly appreciated that the short spans used in railway timber trestles are sub- jaa 
to many repetitions of of ‘stress during their normal life. —Itis generally 


considered that two million c cycles of design stress would be about the maxi- = 


= 
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The frequency of loading iust described will probablv never be attained. 
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Ai ai on the fatigue strength of wood is somewhat limited and n most of the © = 
_ laboratory” investigations | have been restricted to sm small specimens. | However, 
in 1949 the AAR, at the request of AREA Committee 2, , Wood Bridges and a 7 
Trestles, ‘initiated a research program of testing full size stringers to de-— as ea 
termine their fatigue behavior. These tests(4) were performed at Purdue q 
University with certain corollary tests conducted at the Forest Products 
Laboratory in Madison, Wisconsin and was the first time that repeated load 
tests | had been performed o on timber of this size. . The program called for 

7 _ testing twelve 8 in. x 16 in. 14 ft.-6 in. stringers, six each, of Douglas fir 7 

4 southern pine on a 13 ft.-0 in. Span. It was planned to test these stringers in 7. 

were underway, s so the - fatigue strength | in shear was obtained rather ‘than the | ; 
fatigue strength in bending. From these tests it was concluded that timber = 
stringers that have seasoning checks may be expected to fail in horizontal _ 

. ' shear rather than flexure and that the fatigue shear strength at two millior . 
cycles of southern pine specimens was 197 psi and for Douglas fir specimens 
was 121 psi based on the gross width of the stringer. Small specimens of _ 

Douglas fir and southern pine developed fatigue stresses in bending up | to 60 
per cent of the modulus of rupture or about 4,000 psi at 2,000,000 cycles. it 
_ is apparent from these few tests that the fatigue strength in shear is much 

* more critical than in bending. Design shear stresses are usually about 100 y 
or 120 psi which is very eae to the fatigue strength of 197 psi and 121 psi 


Products Laboratory o on quarter- -scale bridge stringers indicate a similar __ 
4 trend as the Purdue tests. These specimens are 2 x 4 x 43 in. of Douglas fir 
and southern pine and are being tested on a 39 in. span to simulate a full size 
Stringer of 8x 16 ona 13 ft.-0 in. span. Several variables are included in 
this program of 600 specimens. In addition to the two species just mentioned, — 
green, dry and treated specimens are included as well as straight grained and ‘ 
1:12 slope of grain and unchecked and artificially checked specimens. 
A report( (sy of the results of tests on green and dry southern pine show that ‘ 
- the fatigue bending stresses at ten million cycles in green wood with straight © . 


grain: were conservatively estimated at 3 ,000 psi | and in « dry wood with : straight 
- straight grained dry specimens with | artificial checks that reduced the ef- 
fective width by one-half were estimated to be 300 psi based on the gross 
Biss _ With 1:12 slope of grain the fatigue shearing stresses were estimated } 
‘Here, e, also, the fatigue strength was more critical in shear than i in bending. 
From the standpoint of duration of live load stresses, there appears to be : 
justification for an increase in design stresses over present requirements. 
However, in the light of the fatigue tests. conducted on full size stringers ‘and 
the quarter- -scale stringers, no increase in shearing stresses should be per- 
mitted as long as checks from seasoning can develop. When checks are a 


7 present in dry stringers fatigue failures may be expected to occur under ier 
service conditions 3 depending upon the depth of the check and its location in ie 


gives the r railroad bridge engineer a material which can be used with the as- | 
checks will not develop to materially shear 


‘grain, at 7,000 psi. The fatigue shearing stresses at ten million cyclesin | | 
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"strength of the stringer. Consequently higher shearing stresses can 


used and the possibility of failure by fatigue seems remote. 
‘Test installations of laminated trestle construction were noted by the | AAR 
- as early as 1944, The laminated stringers show little or no checking, where- 
adjacent solid timber stringers have developed large 


it AAR in Chicago contains facilities for the fatigue powstias of full size — 


stringers under controlled humidity. It is planned to secure stringers fro. 


f=. and on which oscillograph recordings have been obtained. These stringers | 
; will be | Subjected to repeated loads in the laboratory | similar to their r service | 
loads to determine those factors which affect the useful service life o of ; ~_ 
Dag In addition to the above, the AAR is actively progressing 0 other phases | of 
timber ‘research: 


(a) ) Field tests of timber trestles similar to those described earlier in this ; 
paper are continuing. Tests will be made of trestles with various span 
~ lengths, various heights and lengths, open and ballasted decks and in YT 
_ climates where both dry and moist conditions prevail. _ Dee all 
(2) The AAR has just completed field tests on the 60 ft. laminated i girder 
spans of the Weyerhaeuser Lumber Company near Longview, __ ; 
Washington. This data will be analyzed to determine the relation be- 
tween loads and stresses in this type of construction. The deflection 
vibrational characteristics will also be studied. 
ad Full size laminated stringers and girders will be constructed and tested L 
in the repeated load machines of the AAR Research Center to determine ~ 
fatigue behavior of this type of construction. 
(4) The present AREA design requirements of depth-span ratio have been 
in effect for many years. By use of laminated timber construction — salt 
7 longer spans are now possible, but the present depth- span ratios re- 
strict the permissible deflection. From a stress standpoint, greater — 
_ deflections could be used. The restriction on deflection, then, must be 
_ related to the vibrational characteristics of the 1 rolling stock and the — 
bridges. This is currently being studied. | 
a) Other research which the AAR is conducting concerns permissible om g 
stresses perpendicular to the grain under repeated loads as they would h 
_—- at the bearing area between the stringer and cap of a ener ee 
These tests are underway at the Research Center. q 
= A field test has been set up at the University of Florida to study the ef- ; 
_ of various preservative treatments on the control of termite de- _ 


— 


| |: 7 struction of various species of wood as 4 


= 


a — of the AAR st studies of the of live load stresses 
de 


scribed in this paper, it appears that the present concept of cumulative 
loading time Hime can be ) revised. live load stresses ‘in 
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can reasonably be ‘expected to accumulate to less than one : year nsiadiuailia alain 


service life rather than the more than ten years currently in use, Railroad . 


loading need not be considered “long time loading” . Atl least 10 per cent <<. 
crease in design stresses should be permitted, but such an increase should | 
apply only to fiber stresses unless seasoning checks can be controlled. Fa- 
tigue te; tests indicate that t failure it in horizontal ‘shear can be expected during the 
service life of a stringer with longitudinal checks. It is reasonable to expect 
that checking can be materially reduced by use of laminated stringers, and | 
- consequently the > fatigue | life of ‘the stringer \ will be extended. 
> a The American Railroads are aware of the ‘importance of wood to safely and 
economically carry the trains of today. Wood will continue to be a rey el 
- _ Structural material and to insure that it will be used economically, the the 
_ and the various committees of the AREA will dev: elop through research the 
methods by which wood, one of our greatest natural resources, can be used 
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DISCUSSION 


Lateral Deflection and Stresses in 1 Building Frames, by 


Robert E. McClellan. (Proc. Paper 1354, September, 
1957. Prior discussion: 1656. Discussion closed.). . 
Ultimate Strength Analysis of Long Hinged Reinforced 
Concrete Columns, by Bengt Broms and I. M. Viest. al 
1721, 1787. Discussion closed.) 
by Bengt Broms and I. M. Viest (closure)....... 
_ ‘Structural Dynamics in Earthquake-Resistant Design, >. 


oy John A. Blume. (Proc. Paper 1695, July, 1958. —: 


‘Prior discussion: “none. Discussion closed.) - 


- Earthquake 1 Design Criteria for Stack- Like Structures, , by 


ohn E. Rinne. (Proc. Paper 1 1696 Prior 


dis 


discussion: 1882. | ) 

Wind Forces on Structures: Fundamental Considerations, — 


_ by Glenn B. Woodruff and John J. Koazk. (Proc. Paper 


1709, July, 1958. Prior discussion: 1882. Discussion 


*There will be no closure. 
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by W. Watters Pagon. in. (Proc. ‘Paper 1711, July » 1958. 


Prior discussion: none. Discussion closed. 


wi Wind Forces on 1 Structures: ‘Plate Girders and Trusses, 


7 Forces on Structures: 


Analysis of Finite Beams on Elastic Foundation, by 
| Gazis. (Proc. Paper 1722, July, 1958. ‘Prior 
discussion: 1857. Discussion closed.) 


July, 1958. "Prior d di iscussion: 1882, ‘Discussion closed. ) 


Concrete Beams and with Bundled Reinforcement, 


_ by N. W. Hanson and Hans Reiffenstuhl. . (Proc. Paper 1616, ; 


7 ‘October, 1958. Prior discussion: none. Discussion = 


Homer M. Hadley 
™ 


possi 
cause 
behay 
ed all 


2 

tto 
ms . BE 
149° comp: 
459 sarily 
great 
— of cor 

} 75 

expel 
ane 
— 

— 


ULTIMATE OF LONG HINGED REINFORCED 


by Bengt B Broms Viest 


7 


an BENGT BROMS, la, M. ASCE and IVAN M. VIEST, A. M. ASCE. —The 
ollapse ofa reinforced concrete member failing in flexure is always : ac- a 
7 enh by crushing of concrete. Nevertheless, the crushing is not neces- = 
7 sarily the primary cause of failure. As a matter of fact, the strength of a 
great majority y of beams « designed according | to current ‘codes is gov erned by 
7 the yield strength of relatorcing bars rather than by the compressive strength 
of concrete. Similarly, the relationship between a “buckling” and a “materi- 
al’ failure, as defined by the authors, is based on | the primary « causeof 
failure. In both cases collapse is accompanied by crushing of concrete .o 
_ was pointed out by Messrs. Jumikis and Halil. However, while in the case of 
material _ failure the weakness of the material is primarily responsible for 
the failure, in the case of buckling the instability of the column as a whole 
_ triggers the events leading to collapse. This distinction between ‘ material” | 
and “buckling” failures is useful in the mathematical formulation of the 
problem as presented by the authors, 
_ In discussing the deflected shape ofa long ¢ column, Messrs. Jumikis and 
i: Hall 1 suggested | that a a triangle > with a rounded apex may. resemble the deflected © 
‘shape’ better than the cosine wave used by the authors. They stated that is 
_ possible that a number of test results discarded by investigators as being 
- caused by local “material faults have really been examples of the — 
behavior”. Thec comparisons 1s between the theory and the existing tests includ- 


ed all reliable data known to the authors. Excluded were only short columns iS 


as at one end in n bearing e. failures were to faulty 


‘concrete cannot resist any tension. ~The writers agree with Messrs. Jumikis 
; and Hall that cracking often occurs only over a limited length near ‘the — 
: of maximum moment. The strength of an eccentrically loaded column is re- 
_ lated to the magnitude of the lateral deflection. Therefore, it is relatively 

unimportant what the real shape of the deflected column is as long as the com- 

puted deflections approximate the actual deflections at the section of failure. _ 

The agreement between the theory and the test data indicates that the de- _ 

flections computed on the basis of the cosine wave assumption are ae. 

a. Proc. Paper 1510, January, 1958, by Bergt Broms and I. M. Viest. 

L Civ. Eng., Shell Development Co., Houston, Tex. 

2. Brkige Research Engr., _AASHO Road Test, Ottawa, 
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os ‘The original paper includes a complete solution only for columns 0 of rec- x 
sate cross-section. Mr. Hromadik’s extension to columns of other shapes 
should prove useful as a tool for both further research and preparation of a 
design charts for special applications. 
Two additional experimental investigations of were ‘sug> 
gested by Professor Ernst: one concerned with sustained load strength, ‘the 
other with the effects of end restraints. . The theoretical investigations of 
both problems, one presented in the paper under discussion and the other in 
£ hater paper,* have indicated that both items may affect appreciably the ulti- 
mate strength of slender columns. However, in the absence of test data the © 


theoretical treatments of both items must be regarded as tentative. The fae 


The writers wish to thank the discussors for their | contributions and to ex- ' produc 
- press their hopes that the discussions as well as the original paper — ; theory 
stimulate further studies of long re reinforced concrete columns. 


tute ar 
struct 
compe 
hyster 
In ‘Spit 


and I. I. M. Viest, “ ‘Ultimate S Analysis of Long 
Reinforced Concrete Columns”, Journal of the Structural Division, ‘Proceed- 
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"STRUCTURAL I DYNAMICS IN EARTHQUAKE- -RESISTANT DESIGN@ 


‘a Discussions by ‘Lydik S. Jacobsen and A. A. Eremin | 


‘= 


LYDIK S. JACOE Mi 
produced an excellent ‘and research ‘paper in which he has 
theory, numerical analysis, experience, and good judgment to clarify our — 
ideas of how the traditional as well as the modern glass-wall structure can | 
be . assumed to resist earthquake | loadings in a rational manner. Mr. Blume aa 
_ brings into the open the undeniable fact that vast differences exist between s 
dynamic design values and legal code values for earthquake - induced shears. i 
_ He shows that several factors, difficult to deal with ina quantitative manner, — 
“can explain, if not actually account for, all the differences. = 
the discusser’ S opinion that Mr. Blume’s Figs. 6, and 8 consti 
Tt tute an important contribution to further an . enlightened point of view of the 
| structural engineer on the subject. An idea of the nonlinear character of a 
composite structure as well as its inherent energy-absorption capacity or — 
hysteresis, has not been represented before with such clarity and simplicity. 
In spite of the fact that Mr. Blume’s work in some respects is hypothetical, | 
it is undeniably based on ‘sound common sense and o on keen judgment educated 
; _ Referring specifically to Fig. 7 of this paper, it can be said | that, due | to 


_ variable clearances in the joints, a gradual coming into action of the com-— 
posite structural elements will occur, and the positive slopes” of each com- 

"i ponent curve therefore might have to be changed slightly, moreover, their — 

_ peaks certainly will become rounded. As Mr. Blume readily admits, con- > 
siderable t uncertainty exists about the parts of the curves with negative slopes. 7 
This means that the “two humped” character of the total resistance of the 
first story in the N-S direction might be either more, or less, distinct than | 
represented, but these \ details ofa possibly changed curve appearance do not | 
‘detract a at all from the salient fact that a great deal must have happened to the 
‘first story by the time its deflection becomes mainly 
Tesistance of the steel frame. 

amount of energy lost “py the ti time 
value of 0.15 inches is readily calculated: it is 40, 1300, 130, and 1800, foot 
"pounds for the fireproofing, | brick v walls, tile partitions, and concrete ‘Stairs 
ja or a total of approximately 3300 ft. lbs. as compared to about | 
1100 foot lbs. of elastic potential energy in the frame itself. Accordingly, for 

a shear deflection of 0.15 inches the story’ Ss specific damping capacity, di de- = 
fined as the ratio of lost energy to total energy, is 3300/4400 or 3/4, aa 
relatively large ratio, 


ry "Proc. Paper 1695, July, 1958, by John A. teen 


Prof. of M mee. , Eng., , Chairman of Dept., Stanford Univ., | ‘Stanford, Calif, 
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"speculation. _An opinion should be by 
on several full - scale composite structures, but if such experiments are lack 
ing or very few in number, a tentative opinion, obtained from carefully con- 
ducted experiments on composite structural elements of 
<3 Based on references 1 to 6 that. relate to ‘experimental work on: a ‘small - 
two-story precast concrete building, a small two-story reinforced concrete 
building, a two-story | wood frame building, numerous reinforced concrete 
beams of 72 inch span length, complicated riveted joints (full scale) with as. as 
many as 120 rivets, and complicated full-scale welded joints, the discusser 
"story ot to hazard the tentative opinion that a reversed loading on on the first 
- story of the building studied by Mr. Blume will result in a mirror image of 
Fig. 7, beginning at a shear deflection located somewhere between 0.15 and u 
0.10 inches and reproducing, = softened features, the “two humped” charac- 
teristic of the building’s| “virgin” performance. ‘It will be expected that the 
- loads at the two humps will reach values of 90% of the direct loads, and that — 
in iat 80 an amount of energy comparable to the 3300 foot pounds is will be 
am a . second reversal of shearing load the softening of the building’ s per-— 
ee features may be so great that the two humps will merge to one, and 
the maximum load may be expected to decrease further . Consequently for | 
many load reversals a progressive deterioration of the composite structure — 
is inevitable. Just how additional reversals of load between the deformation 
oli its of + 0.15 inches will affect the successive maximum load values must 
ain an unanswered question for the present. 
The discusser’s intention has been to point out, even more strongly than 
jas done | by Mr. Blume, that joint friction and crack friction of ‘structural — 
composite elements can be responsible for the absorption, without return, of 
_agreat deal of vibrational energy. Moreover, for this to occur, itis not 
=< ‘necessary that the cracks should be very large and extensive. Thus, if the 
total shear distortion of the first story ranges between + 0. 05", one third of 
_ the previously assumed range, the specific damping capacity of the story, as 
obtained from Fig. 7 ‘is approximately 0.’ consequently it its equivalent viscous 
oe damping value ce. will be slightly more than ten per - cent. it is s clear that 7 
. the cracks in fireproofing and brickwork, corresponding to shear distortions | 


of less than of an inch per story, | e. radians, , will not be very 


in buildings ona project sponsored by the California st State De- 
Ss of Architecture at Stanford University. A thorough survey of a 
literature, combined with tests on very simple types of joints have convinced - 
the discusser about the large - in 


> composite structural joints. 


to Aug. 1950 contains the following 
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‘The question may now be raised as to what will happen ir at tis point, 
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1. Tests 0 on the ‘Ultimate ‘Strength ofa a Concrete 


Building by K. Takayama and K. Goto, 76-89, in Ja — 7 


a Tests ona ‘Reinforced Concrete Apartment Building, New ‘Style, by K K. 


eseinaainshies Suzuki and Y. Osaki, p. 107-118, in Japanese. 


he: Report on Behavior of Structural Elements Under Impulsive Loads, I and 


_ I by J. B. Wilbur and R. J. Hansen, M.I.T. Contract No. W-19-016-eng- 
3215, April 1950 and November 1950. 


Tests to Determine the Behaviour of Riveted Joints of Steel Structures | 


_ under Alternate Bending Moments by Rio Tanabashi Memoir of the College — : 
of Engineering, — Imperial University, Vol. VIII, No. 4, 1935, Pp 164- 


66 “Static Tests on Welded Joints of Steel Structures subjected to Bending 
7 Moments by Rio Tanabashi, Journal of Japanese Society of Welding, Vol. — 
(1939, p. 587 - 598, in in Japanese. 
« A. EREMIN,! A. _M. ASC ASCE.—In this paper Mr. Blume has shown various 
= limitations in the methods of analysis of seismic stresses in ‘rigid frame 
a structures. Furthermore, Mr. Blume has shown that the seismic : forces can q 
not (as yet) be accurately determined. _ The seismic forces are difficult to de- 
termine even at an assumed distance from the epicenter of an earthquake. ca. 
_ Nevertheless, design of rigid frame s structures, when | performed in 1 accordance | 
‘to the recommended building codes, results in relatively safe structures. Pes 
Obv iously, further research is needed to determine the effect of dynamic 
forces on structure deformations, periods, accelerations and the effect of 
various rigid frame details. In rigid frame buildings the present trend is to 
place several floors below the ground surface. Therefore, the analysis of 


atone should be extended by investigating the effect of various ground for- 7 


mations and the ability of the ground to absorb the seismic stresses. 
It is gratifying that Mr. Blume has graphically shown the effect of com fcom- 


as 


3cous posite parts of wall panels in the multi-story rigid fram 
a | _ bution of the seismic forces. However, the effect of | “grinding and hammer-_ 


ns | _ ing” of the broken parts of walls was not included in the graphs. | After the — 
ry - _ composite parts of panel walls in building frames are cracked, the fre 
may behave in an entirely different manner than that assumed in the 


wea is difficult to assume that the seismic stresses in the cracked 


‘The seismic research on rigid frames should also include consideration of 


the prestressed bracings recently introduced in construction of rigid multi- _ 


Blume made a valuable contribution to a study of the 
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EARTHQUAKE DESIGN | CRITERIA RIA FOR | STACK- LIKE STRUCTU 


Discussions by Alfred Miller ind Henry i. Degenkolb 


ALFRED MILLER, ASCE.—Prediction of the loads to which a 
structure will be subjected is the most uncertain aspect of structural design an 
and, also is of utmost importance. This paper is a significant contribution _ 
= to the subject of earthquake action based on a valid appraisal of factual infor- q 
“mation in the light of reliable theory. The author has commendably disre-_ ‘ 
= certain erroneous and fallacious opinions on the subject that are in- = a 
 posals of the paper provide the means ; for improved engineering practice ~ q 
~ embody the best of professional judgment and d rigorous theory withinthe 
a ‘It is well to be mindful that structural design is an art requiring the | exer-— 
cise of engineering judgment and experience based on physical facts and © 
_ fundamental principles. While idealized | theory is a valuable devise for the &g 
appraisal of facts and for the evaluation of pertinent factors it ‘cannot serve — > q 
as a design tool or as an instrument for accurate stress analysis. 


a _ Due to its brev ity, the cage omits certain background information that is 


_ magnitude and direction and cannot be expressed mathematically. _Motion 

- differs from site to | site throughout the area of strong motion. The magnitude — 
of motion is expressible only in generalized spectrum form by which eel 
maximum influence is indicated and from which actual ‘motion cannot be be in- 


Ground motion. excites structural motions that will regularity for 


fy cedures are re disqualified by uncertain ties of material, workmanship : and aii 
physical factors. Hence, design criteria are applicable only to those 


7 _ structures which possess properties that are consistent with the limitations | 4 


i _ Undoubtedly, the recommendations of this paper will be used for the = yy 


‘ plied to other | structures of similar form. This should be done with full real 
ization that in spite of progress in this field of knowledge, much more is yet 


. Proc. Paper 1696, July, 1958, by John E. Rinne. 


L Prof. of Mechanics and Structures, Univ. of Washington, Seattle, Wash. 
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The significance of the terms, Vo and Mg ‘must be fully ‘understood 
order to properly apply the recommendations of the paper. _ They represent - 
the probably absolute maximum shear and moment respectively that will act 
on the section at the base. They do not necessarily occur simultaneously 
although « nservative practice suggests that they be considered as acting at 

the same instant and be regarded as the translational and notational com P 
ponents for design ofthe foundation, 

It is very important that the curves of shear distribution and moment — ; 
distribution shown in Fig. 5 and Fig. 6 be recognized and used only as « enve-— 4 
lopes of maximum criterion values for the design at respective sections. a 

: _ Emphatically , they are not inter-related shear and moment diagrams of a 
cantilever and such assumption is neither proper nor justifiable. eet 

Contrary to the popular view, overturning as such cannot be caused a 
ee ground motion because of the very short time intervals involved. 


_ Earthquake damage » will develop wherever | the resistance of material is 
<a by the imposed stress. ‘This condition may develop at any : place in 
a structure and may be determined by the intensity of principal tension, __ 
principal compression or principal shear depending on the vulnerable aspect 


of the material and workmanship. ‘Usually, stacks approximate thin-walled 


5. 


direct stress, either of which may be critical he latter combination must / 
not be ignored especially in reinforced concrete and masonry structures _ 
_which are particularly | vulnerable in this respect. Numerous examples of 
this type of damage appear in earthquake reports. ‘ener Ry, 
The recommendations of this paper provide a reliable | and practical basis — > 
for engineering practice at the present time. ‘Meanwhile, continued research 
and especially information to be obtained from the effects of future earth- 
_ quakes can be expected to contribute much to present knowledge which is | 


= 


E.—The author has presented a paper on 
a... Pi that po long needed clarification. Most structural engineers have 
long recognized the fact that it is highly impractical and unnecessary to de- 
- sign for full overturning earthquake moment in tall slender structures but _ 
‘ until” recently, building codes ; and recommended design | criteria have complete- 
ly overlooked this fact. Those who have recognized the necessity for some 
adjustment (for example, the Joint Committee on Lateral Forces!) have done 
so on an entirely arbitrary basis with adinittedly no theoretical backing. | The 
author has provided a satisfactory | theoretical approach to this problem. Not 
_ the least important of the advantages of his approach is the simplicity of the a 
final result. Too often, in theoretical analyses of this type, the final result — 


is presented in such a ‘complex and detailed manner that it loses : all value to” 


a John J. Gould & H. J. nee Cons. Engrs., San Francisco, 
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DISCUSSION 


“the engineer. is the writer’s opinion that a a more refined and 
complicated approach is meaningless for such a complex problem. 
~The introduction to this paper presents very simply and clearly the basic — 
- problem of earthquake- -resistant iain It should be read and re-read by all =, 
_ The author has recommended oe coefficients considerably higher than 
customary in the design of buildings. ‘These coefficients reflect actual 
field observations after major earthquakes where simple structures such as_ 7 
tanks and stacks show damage corresponding to higher effective forces than 4 
- those on most buildings. s The higher design coefficients recommended are 
j coupled with higher stress increases than normally used. While the higher — 
stresses may be more theoretically correct and will yield a more balanced 
- structure, the writer feels that it is somewhat impractical to depart from the 
customary 33% stress increase now in codes. 
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JACOB. FELD, ! M. ASCE.—Some information gathered in connection with» 
design of structures ; where the true nature of the wind loading was the im- 


portant factor may be of interest to the users of this fine paper. High record- 
ed wind velocities (velocities corrected for method of measurement to true 


velocities) as found in various earlier reports are listed: 


True Velocity (mph) Date Date 
Washington, N. 231-fastest 0.1 mile 


Mt. 


(188-5 5 min. ave. 


Mt. Tamalpris, Cal. extreme'gust 

5 min. "average 


Ca ape Lookout, N. 


: Palm Beach, Fla. 1926 
St. Louis, ‘Mo. 96 (3 miles sfrom 1927, N. ‘Rec. 9/29/27 


North Head, Wash. 114-1 min, max. (1921 Eng. N. Rec. 12/9/28 


Mobile, Ala. 
Pensacola, Fla. — 1916 nN 12/9/26 
Tatoosh, Wash. Comm. 31° 


York, N. 


atteras ASCE Comm. omm. 31 


1899 “ASCE Comm. 
160- -1 min. ave. 19 N. Rec. 11/29/28 


150-5 min, ave. 


. - Proc. Paper 1708, July, 1958, by Robert H. Sherlock. 


“1. Cons. New York, N. Y. 


*, 


4 WIND FORCES ON STRUCTURES: NATURE OF THE WIND? 
eference 
1926 Eng. N. Rec. 12/9/26 
— 
Cape Henry, Va. 
a 


gamuary, 1959 ASCE- 
“True Velocity (mph) Reference 
130- 137 -137 estimated A.W. Buel 


q 


San 120- 0-140 1400 A. Buel 


Failure of water tanks in the tornado in Southern linois indicate 


velocity of 200 ) mph. D Damage in | in Charles ‘Md. in the (1926 tornado 

_ Where analysis of failures in structures is — to reconstruct wind ve- : ae. i 

locities, some difficulty was found in| the failure of radio towers to check re- ann a 

‘corded wind velocities. There isa possibility that high storm winds during 

heavy rain cause pressures much higher than computed from aerodynamic o9f ‘Int 


pressure formulas. Driving rain has much higher mass and therefore greater wen jin onl 


heights 


Kinetic’ energy than a a mass of moving air. city and by such an assumption was 


a; La 
- Velocity records are aera on an exposed instrument. In the United 
States, the Weather Bureau reports up to 1928 were the results of readings on 
4 cup Robison anemometers. From 1928 to 1931 the readings were on 3 cup 
_ Robinson anemometers. Since 1932, true velocities are reported. Approxi- 4 
- mately, the 3 cup reading is 5 oo: cent above true velocity and the 4 cup read- 


Wind velocity measurements on only at local small areas, and consider- 
able variation in velocity and in direction of the wind has been measured be- 
_ tween points located at both horizontal and vertical spacing. = variation of 
50 per cent in gusty 1 wind velocities have been found at points only 60 ft. apart 
horizontally and a variation of 10 mph. in 50 ft. of height is common. 
Table 1 gives useable figures for expected increase in velocity at heights 
above ground level, since the various theoretical and experimental formulas ~ 
- for the relation between velocity and height do not agree. Experiments — 
iby E. Douglas Archibald (1883-5) with anemometers from kites 


greate 
direct 


to 1300 feet above the ground resulted in a formula and Archibald 


recommended a value e of 0. 25 for x. His measured values ranged from 0. 0.194 


for the upper altitudes to 0.372 for the lower heights (up to 250 ft.). M. E. 
Smith in a report from the Brookhaven National Laboratory at ee, N. Y. 


Carol 8/31/54 
y 
0. 315 — (9/11/54 


0. 274 


Average 10 milder 


storms. 


a This is a fine s substantiation | of Archibald’ s work of 10 years ago and the 
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Cal 
— It i 
| 
Shear 
i 
instruments gives the following results: 
730 
ve 
even though Prandtl gives 0.157 and Taylor gives 


“Edna” on ‘September 11th, 1954 were plotted to show the 
taneous velocity variation with height, information desired for setting the on i 
teria of wind pressures for the design of large radio telescopes. Readings in 
“are over a period of 120 minutes and gave the mean over each minute and the 
maximum and minimum 2 second reading in each minute for three different _ 
heights on the tower. Four of the studies are shown here to demonstrate the 
variation in mean velocities at 37, 150 and 410 ft. heights (Fig. F1); the vari- 
ation in peak velocities at the same heights (Fig. F2); the variation in peak, os 
bre and lull velocities at the 150 ft. level (Fig. F3) and large differences in — 
2 sec velocity readings between stations vertically over each other (Fig. F4). 
_ In the 1953 paper on “Variation of Wind Velocity and Gusts with Height”, _ 


“the author on n page 463, Trans. ASCE, Vol. defines the gust fac 
mean over 5 mins. 


an of: =0. 0625 in the formula for variation 


F = Fy In the of the gust factor measured for t the Ca Carol 

and Edna storms at Brookhaven, D Dr. M. E. ‘Samh reports a value of 0. 115 for 


“9 
Fat 37 f ft. 


ip It is interesting to note that for these | big « storms, the gust variation was _ 

"greater at low elevations. Some information is available for variation in wind a 
direction. Direction changes of 45 to 90 degrees with light winds especially | 7 
when warm fronts pass a site, , indicate the existence of considerable vertical 


‘shear movements as one phase of the three dimensional wind picture, a_i 
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Discussion 


i 
JACOB F ELD M. ASCE.—The equivalent static pressure of moving wind 
should take into account the density of the air. Much higher pressures result | 
from moisture—laden air, high humidity at high temperatures than at dry _ 
high- -altitude conditions. Driving rain or sleet must again be considered as 
impect from high densities in motion as against normal wind pressures. One 
phase of wind pressure often overlooked is the suction pressure accompany~- 
= sudden barometric drop as the storm travels across a structure. A’ con- 
dition of this nature preceding a mild tornado (70-75 mph) was the cause of a _ 
attic space expanding sufficiently to induce a 
E plates normal to wind direction has been studied by many researchers with 


quite consistent. values ‘of conversion between pressure and velocity. The. 
usual procedure of taking components of inclined winds may not be safe if , as 
_is shown in this paper, the true forces must be resolved into drag and lift, 
which vary considerably with size and shape of the area involved. Some —~— 
“sults of fiat-plate tests are given in the writer’s paper on “Radio Antenna 
_ Suspended from 1000 Foot Towers”, p. 370, Journal of Franklin Institute May | 
1945, The Duchemin formula for inclined wind | pressures ha has not been con- 
firmed by experiment. 
a theoretical ratio of wind pressure ona cylindrical object is 1/4 “ae 
times the pressure on a flat surface of the same length and diameter. | For 
- inclined winds, the normal theoretical pressure on a cylindrical cable is ‘a. 
p sin2a where p is the unit force from normal wind and a is the angle between | 
the wind direction and the axis of the cable. These derivations can be found a4 
_in the above referenced paper, p. 371-2. nage 
‘Tests of normal pressure on wires and stranded cables reported by Eiffel, 
Prandtl, Stanton, Buck, Relf and Powell, , McLeod , Furnui, Foeppl and Durand 
indicate consistent values of k in the formula p= Kv2 per unit area of ex- 


— 


posure for similar sizes and materials. 


For wire cables, k is somewhat higher, 

For hemp ropes, k is .0029 for ordinary conditions, .0023 for polished r rope. ; 
-_ .0025 for rope with loose fibres burnt off, at velocities from 10 to 22 mph. ——— 

_ A series of tests on various cable sizes in connection with the design of iid 


the ‘Shankhai Radio Towers were made by W. E. Durand at Stanford onenatny 


a. Proc. Paper 170! 1709, July, 1958, by sonsae B. ‘Woodruff and John J. Kozak. 
Cons. Eng., New York, N. ¥. 


{ 

| 
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id (1923). Resistances at 50, 60 and 70 mph : at anaes to the wind direction 


easured as follows: ind direction 
Cable Size and T 


-1/4" rope elay 
1-1/4" wire lay 
rope lay 
wire lay 
wire 
1/2" wire lay (002861 
3/8" wire lay @ 002990 


Flat metal 1-1/4" x .05" ~~ 7904108 


wood 1-1/4" x .20" 004324 


‘Flat side to wind 
Round side to wind 
The results show definite increase in coefficient with decreased rope size. 
_ Test 1 values of pressure on cables and wires 5 inclined to wi wind direction ine 
ed by Eiffel, -Relf and Powell and by Durand all show almost perfect 
agreement with the theoretical factor of sin2¢. 
In some radar and radio telescope-dish designs, reduction in wind — 
pressure assumption has been made because of the use of partly open ce 
surfaces such as wire mesh, punched plate or crimped perforated fabric. ; a5 ie: 
Where sleet or snow can be expected, the assumption is entirely wrong, es- 
_ pecially since the flow of moist air through small openings in a cold surface 
readily causes a deposit of sleet and the surface exposure to wind is solid. _ 
In addition, it has been shown by D. S. Kennedy & Company, Cohasset, Mass., _ 
manufacturers of many screen antennas, that the frictional resistance of wind J 
passing through openings neutralizes part of the pressure loss due to such _ 
- openings and when the area of openings is 50 per cent of the total, the screens 
acts as if it were a solid sheet, especially for angular winds. Pian 
_ As structures become higher, and as deformation criteria become more | 
rigid, the designer must modify the earlier concepts of simple equivalent rt 
_ static unit wind pressures, identical for all sizes and shapes of the structure, 


7 This paper, and the companion papers, become valuable pa and present — 
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IND ON STRUCTURES: PLATE GIRDERS AND TRUSSES@ 


Discussion by. Jacob Feld 


= “JACOB | FELD,! M. ASCE. —The background o} of earlier approach t ‘to evaluat - 

ing wind forces on exposed space structures. should be of interest. nile Ww. yo 

_ Buel, who was responsible for many radio tower designs between 1910 and ie 
1925, described his | experiences and methods in a paper published by the — 
tute of Radio Engineers, Proc. vol. 12, 1924, p. 29-82. . After the 1914 hurri- > 

_ cane in the West Indies felled several towers, the decision was made that ee s 


since no reliable data was available as to hurricane wind force, it seemed | “a 
‘ae wise to design for a pressure of 30 psf, equivalent to a 90 MPH 7 
wind and replace the towers where failures occurred. By checking the 
_ strength of towers that withstood measured storm velocities, he concluded 
that for large areas of exposure, , such as 200 to 400 ft. high towers, the over- 
all total pressure was not over 2/3 of the maximum local intensity measured. 

However, after a severe hurricane in 1916 put many wireless stations out 
‘of commission, George S. Davis, ‘general ‘manager of the Radio Dept., on 
Fruit Co., set a new standard, that towers must be designed to stand during “ 


lid. _hurricanes and provide service when most needed. Towers were then ai a 

Mass., heed for a pressure | of 50 psf, or 2/3 of the 75 psf maximum intensity — 

of wind | messured ina storm, acting on 150 per cent of the exposed area of one face 

uch ofatower. Such designs withstood the 1921 hurricane at Swan Island, the 
worst storm on record at that time a 


Buel’s later designs were made on the following loadings on 150 $0 pe cnt inl 7 


of the projected areas 


psf for the top 5 of the tower. veg 
56.8 psf for the upper 9 
50.5 psf for the upper 13 Wwe 
43.2 psf for the entire tower of 400 ft. 


| And for where maximum wind velocities « do 1 ‘not 100 MPH, 
u unit pressures from 40 psf at the top to 25 at bottom were considered suf- * 


: ficient. The excellent performance record of these towers in the West indies 
locations speaks well of the wind-loading assumptions. 
7 ar loads assumed for some other earlier towers which have stood well — 

7 RCA Port. Jefferson, N. Y.; 30 psf on twice exposed area f for — 300 ft. 


and 1- 1-1/2 times rest of the area. 


Eng., New York, 
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an Navy Rome: 61.5 5 on projected area, 714 ‘ft. high. 
Eifel Tower, Paris: 61.4 psf on projected area, also varied from 40. hak a 
base to 81. 9 at top of ftower, 
Tower at Nashville, Tenn.: 30 psf on on exposed area, 878 ft. high. — wee 
- WGY Tower, Schenectady, N. Y.: 25 psf on lower 300 ft. and 35 oat above, 


on - 1/2 times exposed area after adding 1/2 inch ice cover on all 
on 1-1/2 times exposed aren after adding 1/2 inch tee cover on all 


members, 625 ft. high, 
Shanghai, China, Federal Telegraph Co.: 20 psf on projected area, with no 


reduction for shielding, at ground level, increasing at the rate of 5 psf — 
for each 100 ft. of height for flat surfaces and at the rate of 3 psf for q 
each 100 ft. of height for cables in guys and antennas, 1000 ft. high. a ; 
(see Jacob Feld, “Radio Antenna Suspended from 1000 Foot Towers” » 


Journal, Franklin Institute, May 1945, p. 363). 
In the design of large space dishes for use as antennas in the field of radio 


_astronomy, the design of the mechanical | devices to provide extremely accu- ‘-— 
rate positioning and tracking movement, as the dish is focussed on the ce- 
- lestial or ballistic objects in motion, knowledge of the unbalanced torque from 
hon-t -uniform wind loads over the dish exposure is is necessary. an analy- 
sis: ; of measured variation in wind velocities simultaneously at different points: H 
in both horizontal and vertical array, it was concluded that the maximum _ i 
inequality of pressure on large dishes, say from 300 to 600 ft. diameter, _ 
would be on the order of zero wind pressure on half the dish area with maxi- 
mum on the other half. The division of areas to be assumed about either 
horizontal or vertical diameters. (see Jacob Feld: “Structural Design Study 
2 foraR Radio Telescope with a Paraboloid Reflector | Six Hundred Feet in Di 
ameter”, Annals of the New - York Academy of Sciences, vol. 70, p. 153-276, 
The validity « of this conclusion was checked by actual measurements made 
y B.G. - Hooghoudt at the 25 meter (80 ft.) dish located at Dwingeloo, Holland. 


a = In a gusty wind, the dish being pointed into the wind, the unbalanced torque as | 


— was equivalent to about 50 per cent of the computed value if no gr 
wind is assumed on half of the exposure. _ Houghoudt also pointed out that he 
would expect smaller variations in wind pressure between any two halves of 
the dish as the diameter increased. 


‘The above data is presented to indicate where further study of | pressure 
distribution as well as intensity is now necessary to provide proper infor- 


mation ne the st ructure problems being assigned for saf 
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_ JACOB FELD,! 


‘ pressure simultaneously acting in different aneiiee are exposed to vibration- 
al f forces which, as the author so ably points out, are of extreme importance — 7 
for safety in design. It is now recognized that available information on gusti- a a 
} ness in wind pattern must be considered in the design of flexible structures. 
The degree of gustiness decreases with height. ; The pattern of local wind 
_ intensities during hurricane winds is shown in the writer’s discussion of — 
_ paper 1708. In the tests at Brookhaven, ‘National Laboratory, Upton, N. Y. 
during the hurricanes “Carol” and “Edna” , almost identical results were ob-— 


tained for gust factor as well as for the formula. of gust factor variation with 
“height. 
s The pattern of wind energy was also analysed by Dr. I. A. Singer of the 
Brookhaven National Laboratory for storms based on simultaneous readings 
taken on points located at the 400 ft. tower in Brookhaven and for the 315 ft. a 
tower at Oak Ridge. The data was analysed by electronic computer to provide — 
graphs of energy in gusts above the normal pressure average of the wind as 
a function of frequency of the gusts. For the Oak Ridge data, measurements a 
were taken for three wind speeds at the 315 ft. level. Dr. Singer reports that | 7 : 
in a mean wind speed of 12.4 mph, there is a strong gust period of 5 minutes 
“and about half as strong period of 86 seconds, (12 and 42 cycles per hour) e 
_ For greater frequencies, the amount of energy of gustiness drops off rapidly. 
In a mean wind speed of 28.1 mph, the maximum energy is still at 12 cycles _ 
_~iper hour, about three times as intense as for the 12.4 mph wind, and with only — 
- slightly 1¢ lower intensities of energy at 71 and 320 as well as 12 cycles per 
q During the hurricane | winds, | the following 1 maxima in ene 
150 ft.—120 and 180 


at 37 ft. —120 d 2" 270 
he at 


For “Carol” at 355 75, 135, 195 250 cyclen. 
at 150 ft.—90, 135 and 250" 
at 75 fit.- , 180 and 240° 
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Apparently, for high winds, energy is over shorter perio periods 
than for normal winds. Similar information for different topographic con- 
ditions should be collected and will then indicate what natural frequency of i 
vibration should be avoided in structural vig 
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OF FINITE BEAMS ON ELASTIC FOUNDATION®@ 7 


Discussions by Andrew Reti and Alexander 


Corrections by D. C. Gazis 


ANDREW RETI, 1 M. ASCE. —The author has proposed several ingenious 
methods for the solution of this involved problem to ) avoid the difficulties of 
- the so-called “exact” method of Winkler. - Applied to the simple c cases, pre- 
_ sented as numerical ‘examples, the time-saving property of the proposed 2 odie 


proximative computation methods seems to be confirmed. 


, ‘Usually the task of the designer consists of solving more re complicated 7 
. problems than the ones presented by the author. Often about half a dozen 
. columns, with very different loads and at irregular distances have to bet 
~ placed ona strip foundation or on a set of strips, parallel or perpendicularly | 
; - crossing each other. If he tried to use the proposed methods of computation, 
s ) he would be surprised by the quick increase in volume of the mathematical | 
work. ‘The clearness of the procedure, demonstrated the published 


Under such circumstances the practical engineer is to have re- 
course to rough “rules of thumb” or approximations, soothing his consc ience © 
with increased factors of “safety”. Consequently he sacrifices all the im- _ 
portant economical and technical advantages of the shallow foundations attain- 
7 It is deplorable that in this paper there are no pelereaces to the — 
publications relative to the subject. The writer wants to fill this gap with a 


brief outline of some of the proposed solutions, which have appeared oe 


European technical journals during the last 20 years. He hopes that 
> : modest contribution will help to avoid new efforts in —— problems alrea 4 


In 1937 H. Bleich published in Die Bautechnik, a a brief article dios the — 


problem of the finite beam on elastic foundation. % In order to satisfy the 7 

boundary conditions of the free end: = = Vy = = My = = = 0 he proposed to 

apply four “ auxiliary” forces, two at the both fictious extensions of the beam. 

Thus he reduced the problem to that of an infinite beam carrying the ae 

loads and four auxilliary external forces of unknown magnitude but ina 

pres position. These imaginary forces: Ty Tg T3 T4 must be cal 


at a distance of SA: and dzt resp. from the both h extremities of the cea 


‘beam on the of it. (Fig. 1) 
_ This location has been selected in order to simplify the eimai of =f 


| oumerical values of these forces, for in these gig ee — the — 


Proc. Paper 1722, July, 1958, by D. C. 
Civ. ‘Eng., for Foundations, ‘Caracas, Venezuela. 


— 
= 
~ 
— 


Ty and T3 will produce no moments on the nearer end of the beam and the al 


Tg and produce no shear "forces at ere same points. 
q il 


are the “reduced”, distances on ‘the 
Introducing the abbreviations according to Hetenyi, 

‘(cosy- 


< 


— 


‘three unknown in every one. nz 


tan : 


t 


_ (the first index referring to the auxiliary eben and the second index to the 


extremities I and II of the beam.) 


be y small, and neglecting them we obtain the simple 


an 


Lom ceo | 


— large poche of influence ta relative to this problem were p 
in 1930 by Fritz in Beton and Eisen, based on the method of Hayashi, present- 
ed in 1921. _ Magnel also recommended that one solve the by influence 


In 1949 the writer published ; a ‘paper in n Travaux, describing a method 
design based on the method of Bleich. ° The writer used as the independent 

influence lines the elastic between the point of 


application oft the external force and the "investigated section. ‘The influence 


= drafted in the scale of j 


schematic. diagram of the beam, called the “elastic. drafted inthe 
same scale on transparent paper allows one to read the respective values of q 


a functions Ag ¥ » Bg, Cg and Dg on the influence lines with the accuracy of 
three decimals. ’ For that we have to put the elastic scheme of the beam on 

- the reduced influence line so that every external force (including the “ “aux: -_ 
-iliary” ones) coincide with the point of origin of the influence line. in every — 

| such position we read the corresponding values of the. respective function for | 
the investigated sections of the whole beam. 


) - Tabulating these values ina chart, containing as many columns as we have 


— all the mathematical work is reduced to the computation of the sum 

ie The first and the last columns of the charts refer always to the two extremi- . 7 
q ties of the beam. On the right side of the last column we put the numerical Rail 
q 


section to investigate and as many horizontal lines as we have external m0 


=A 


values of the external forces. If for instance, several cases of loading are to 
be considered (dead load separately from combinations of the live load) the 7 
| same chart would be used, only new columns would be added ae ees combi- 
nation of the external loads. 

sum of the products 


last line we write the resultant values of the soil pressures, deflections, bena- 


| of the four auxiliary forces for every combination of the external loads. We 
- obtain these from the first and last column of the bending moment chart ma 


: of the shear forces chart, as described above. + (Gee numerical — 


959 | ASCE “DISCUSS 
— 
— 
— 
| 
tions 
with 
— 


January, 1 


ocr 

4} 


q 


> 


22 


x 


A 


JONaN 


— 
— | fe 
| 


DISCUSSION 


_ It pe be emphasized that this method is not an approximation. It is the _ 
“exact” method of Winkler, carried out by diagrams with the precision of _ 
three. decimals, which is entirely sufficient in engineering practice. x Its _ 
_ simplicity reduces the task of the engineer to setting up the elastic scheme y 
of the beam. The simple work can be entrusted to 


lies” of beams, crossing : each other r under the load, a a problem, a to 
ized, leads to that of the raft foundation. The exact solution of this problem 7 
can only be obtained by the theory of the beam grid. The first attempt toward 
a simplified solution came from. Baker, London 1942. The approximate so- 
lution reached by the writer, similar to moment distribution was modified in ~~ 
his paper entitled: “The continuous footing and the grid-foundation in rein- — 
forced concrete” ” published in 1951 by of Public Works of 


 Inall the new editions of the Building Code Requirement (ACI 318) we find 


for combined Pacosln It seems ‘that this note is an 1 important obstacle — ny 
- against the wider use of the strip and raft foundation. But the important re- | 
‘search work executed in this area of engineering science allowed that strip — 

and raft foundations were : carried out in increasing number and size all over 


the world and the remaining theoretical problems continue challenging ~~ 

interest of the most competent researchers. 

B cas The following ‘numerical examples a are chosen to demonstrate the e practical | 
advantages of the Bleich method with the modification of the writer. The __ 

_ first example is taken from M. Gazis’ paper and the simplicity of the mathe- = b 
matical work needs no comments. (Fig. No. 3) The second example shows 
the design of the foundation of a bin. Only the most important parts of the 
computation are shown here. The bin has three compartments and is carried 

; on a strip foundation 57' long and 15" wide. . The total dead load of 580 kips 

and the total live load of 1000 kips cause an average pressure of about ae: 

13 lb/in2 on the soil. The chart of the bending moments and only a part of 
: the chart for the shear forces is given to illustrate the computation of the 
auxiliary forces in all loading cases. _ The dead load is treated separately _ : 
_ from the live load and of the three cases of bin loading the most unfavorable | - 
one, producing the largest stresses is used for each section. For ‘convenience — 
3 printing the influence lines and the elastic scheme of the beam | are drawn 
_ toa reduced scale. (Fig.No.4-8) 


The references enumerated below contain the ‘most important 


Fritz: Einflussflachen fur Trager mit Einzellast auf 1 Unterlage 


Beton und Eisen 34. 


ons = 
writer also utilized the method of Bleich to find an approximate simple 
___solution to the problem of distributing a concentrated load between two “fami- | * 
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Schleicher: Die Verteilung der Bodenpressungen unter starren Grindung- 


whe: 


ELASTIC. SCHEME IN REDUCED SCALE. 
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CHART OF THE SHEAR “FACTORS (1000 Dy 
USED ONLY F FOR THE DETERMINATION OF AND 


200, | 
| 200 200° 


eigen Die Bautechnik 1937 H 


Der Baui eniur 1942 H. 14-16. | 


6. De Beer: 
“ Publics Belges 1 1948. 


__MOMENT_ DIAGRAM EN KIPFT_ 


MAXIMA AND MINIMA 


— | Pa | [| | | | | fo 
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ASCE DISCUSSION 
7. Rett: des sem melles continues et croisées. ‘Travaux 1949 XI, ‘XI. 7 


q Grasshof: Naherungsverfahren zur Berechnung 


ken. Die Bautechnik 1951 H. 7, 8. 
Reti: continuas | y cruzadas Caracas 1951. 
Ls DODGE,! M. ASCE.—In the author’s diversified terminology 
there are several expressions, such as “shear and moments at the edges,” i. 
“the terminal forces,” “the terminal loads,” “continuity loads,” “reaction _ 
forces and moments,” “shear force,” “lateral forces,” and even “stresses,” — - 
which are used with the same meaning to describe shears and moments at = 
ends of a segment of an infinitely (or semi- ‘infinitely) long bar. As no attempt 
= made to compute stresses in the beam, all references to “stress” or ae 
“stresses” ” should have been deleted. Of the remaining terminology, end tay 
“shears and moments” is most suitable, and the meaning of such words would — 
be in perfect harmony with the meaning attributed to such words by long usage 
‘in engineering literature (at least in the design of beams). With elimination _ 
of the diversified terminology, definition of “acting loads” as the a of 


the continuity forces” becomes unnecessary. 

_ ‘The author states that the sign convention is that of “reference (1) for the 
bending moments and shear forces, respectively, except for the lateral force 

at the left end of the beam, The latter corresponds | to a configuration of a o- 

“negative shear force. statement is ‘confusing | and, in light of signs used 
in the illustrated example in the appendix, there appears to be no necessity | 
for such exception. In accordance with reference (1) “... the bending _ 
‘moment is positive if it produces bending of the beam concave upward and eo 7 
_ shearing force is positive if the right portion of the beam tends to shear _ 
downward with respect to the left.” Such sign convention will be used d by tl the 

i Instead of the conception given in paragraph b of the “Outline of the 
Method,” the writer prefers an alternate conception of the action which may ~ 
be stated as follows. After “The beam is ‘cut’ at A, i.e. the continuity — a 
_ dissolved at this point, and the opposite values -V, A and - -M,A ofthe shear 
and moment are © applied, ‘i the original continuity is never restored at A, but | E os 

portion of 


by infinite beam and acts as a continuous beam during relaxation at B. This 
and conception is repeated alternately to the ends B and A for the 


next and following cycles of relaxation until there are no more shearsor 
moments to remove from the ends of the segment AB and the beam becomes» 
entirely severed from the left and right portions of the infinite beam. ihe - 
(ae A more direct and shorter approach to the problem may ‘be made by eS 
= . Find end shears VoA and VoB and end moments M,A and MoB Bin 
an infinitely long beam with only segment AB loaded, also shears, an 
moments and deflections at other points as 


end shears and moments found in Step a, , and compute shears a 


moments and deflections at other points. 


1. Consultant, Branch, U. s. . Army E Engr. Dist. Portland, Ore. 
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and deflections. 
‘In this procedure Step a values can be aie found by well known. equations 
d charts, or tables of the author’s reference 1). For a concentrated load | 


such equations are, 


Step b values, can be found or equations, also previously 
published.* * One of such charts, extended and revised for new data, for Sie 
ing moment in a finite beam due to end load, is shown in the weiter" ’s Fig. 1 
he general equation for the moment indicated therein - 


where the coefficient 


ted against the x values of the beam length b = 1.0. " Applying it to the author’s | 
beam with b = 15 feet, B= = .27 ft.-1 and the corresponding Bb = = 4. 05, for the 


can The writer’s chart, Fig. 2, of Cp! 
4 


load P= = 40 ,000 at point A the maximum bending moment is M = - - -,0794 x z 
* 000 x 15 = -47,500 ft. lbs. at the distance xb - .195 x Saat 2.9 feet to the 


— 


_ The chart can be —— extended to beams of semi- -infinite length, b = = 90 4 


line for the value of B = 7, the value characterizing a beam and foundation © 
_ with such properties that the bending moment becomes zero at a point sos 

- distance from the load, (the point through the unloaded end of a finite beam of 

general equation for a beam of semi-infinite length 


*Proc. Paper 1958, Discussion by Alexander Dodge. if 


x 

t 

| 

| | 

| 
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where Cp is equal > the value of B= 3.1 14 ft. maxi-- 
mum bending moment in a semi- -infinite beam is 

= -.1025 x 40, 000 - = - -4100 ft. Ibs. 


any y other value of B, as. bending moment 


MI = -.1025 x 40, 000 x2 = ft. lbs. 


“and: it occurs at. distance from the equal to 1/4 the r ratio 
B = 2, 2.9 feet. meee values, ‘the — and the distance, — with the same 


found above for the finite denin: of Bb = = 4, 05, pares that, , for | finding the — 
maximum bending moment, the latter beam may be considered to be a beam 


‘ain bl is the distance from the end load to the first point on a beam where 
_ bending moment passes through zero. The coefficient Cp was drawn for the 


ee of B =7, bl = 1 and Bo! = = 3.1 14, therefore for other value of B, such — 
27 the distance 11. 63 fe and the maximum bending n moment as 


ve 


=- 1025, x 40, 000 x 11. 63 } = -47, 700. 


Processing me data* for eens slope and shear ratios in a manner 


shown above the moment, ‘the general equations become: 


"where ¥. yl, M wat Ss are deflection, slope, moment and shear at a point x of 
a finite beam due to a concentrated load P at any point of the beam, and Ap, oi 


ap, Cp and Sp are the corresponding coefficients. 
he. Similarly, for an externally applied moment at any point of the beam, the _ 
general equations for a finite beam become: 


a 


7 
a 
| 
“4 
q 
a 

ae ~ 


The writer’ Fig. for a moment applied at the 
end of a beam, and the dash curve, drawn for the value of f B. = “g and Bb 


extends the chart to beams of semi- aa length in a similar manner of the 


| 


Practical application of Eqs. (5) and (13) is very simple. For the author’ 7 
- example, using hereinbefore suggested procedure, a will be as 


20775 


“Note: minus sign indicetes sheering to shear 


richt portion of the beam uoward respect to the left. 


iv; 


ie 


— 


Table 1, Comoutation of by Coef ficients Cp and 


In ‘Table i, , fractional numbers are re the coe coefficients Cp and Cu for the 


.. — 


‘parallels computations by the author’s Eqs. (9), but gives the final values 7 
_ without further iteration. Although this is a simple procedure, it requires _ 
_ five moment computations for each point of the beam in addition to end shear | 
computations. ‘Similarly, it requires five computations for each point of the — 
beam to find deflection, slope or shear. Another unattractive feature of the — 
method is that it can not be directly applied to beams of varying B. However, 7 
_ by the method previously described,* ratios of deflections, slopes, moments. 4 
and shears can be found for any position of the load or loads, and for eae 
or varying 8. Then, after the ratios are transformed into forms of Eqs. el 
| and (8) through (14) ‘and the resulting charts drawn, the design procedure re- 
_ duces to one step computation. _ The writer’s charts, Figs. 4and5,drawnto 
‘Suit th the author’s example of f aload at 1/4 point on the are in 


‘moments, for example (-.0775 x 3840)(b = 15) = -4460, etc. This a 
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“of Eqs. (5) and (8), respectively. - Using the curve for Bb = 4. 0, the resulting 


the chart, 4, are - 


‘These moments check the moments found by ante, ‘Figs. 2 and 3, which vo 
were prepared from ¢ an entirely independent set of computations. | 
for the s exam yt cha Fi 


25 b = = 180", Bb =: 


00121 


000077 0131 


=.0672 -,000868 0000320 -.0566 


2. Comparison of Deflections 
‘The writer’ 's deflections, deviating from the author’s values considerably, 
are correct as the area under deflection curve multiplied by the proper k a 
value gives the total foundation reaction equal to 40, 000 lbs. The proper | 
modulus of foundation, corresponding to the author’s f = .27 ft-1 = .0225in-1, 
is k = 4EIB4 = 1360 pounds per inch instead of k = 1500 as given in the paper. 
Assuming k = 1500 and | b - = 15, the corresponding B = -023087 in-1 and 
4.16 which values s change deflection for | point A by - -15 per cent. 
s Ap and y for Bb = 4.00 (8 = .0225 in-1 and b = 177.8") are also given in ie 
- Table 2 for comparison, and for point A the change of +5 per cent should be — 
noted. It will be found that deflections are » always very ‘sensitive to small _ 
variations of B whereas moments and shears are not. The shear to the left 
F. of the load computed by the area of the writer’s deflection curve agrees with 
the computed value of .495 P = = : 19 
_ The ratio charts, of the type shown by Fig. 1, ‘show plainly at which, or 
_ hear which value of Bb a finite beam acts more or less as a beam of semi- : 
infinite or infinite length, and permit more accurate reading of the moment 7 
- coefficients. On the other hand, the coefficient charts of the type portrayed — 
5 = Figs. 2 to 6 are in the simplest form for design Ay fe ed show at a 


the bending moment coefficient Cp, Fig. 4, for Bb = 0 to infinity varies from 
- .0704 to .0586. If the elastic foundation were replaced with hinged supports — 
at ends, the maximum value of bending moment coefficient would be changed ~ 
to 187. ‘The effect of such change can be readily | evaluated, in this case to es 
—_ increase the bending moment approximately three times. 


x 500 = 349 

2 Mo = = 20885 x 600 

- | 
.27 ft 4.05 and y = P 177 Ap. 
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In the paragraph c on “Applicability of the 
"statements regarding accuracy of computations are not substantiated, and — 
division of beams into three groups is not justified. From the writer’s a 
Table 2 it should be evident how a small variation in B may lead to ‘ee 
in deflections. Several other examples may be analyzed. 
instance, comparing finite beams of various lengths with beams of semi- 
infinite length, or with beams of equal lengths and infinite stiffness, the in- 
crease in the ‘ratio of maximum end deflections to end load can found 


Jercentese increase in deflections for: 


- gt 
‘The question arises, where are the logical boundaries for : moderately 
ad Examination of Cp » coefficients, Fig. 2, reveals the that i moments in a fin finite 
beam of Bb = 3.14 are practically the same as in a semi-infinite beam of the 
— B, and the moment ina finite beam of Bb = 1 5 is practically the same 7 
for Bb = = 2.0 and Bb = we practically coincide, and departure of Bb - -Qfrom 
Bb = = co curves, in general, is rather small. Which value of Bb, then, ween 
be used a: asa criterion f for placing a 1 beam in t the oe ee eee 
Comparison ‘of moment coefficients for intermediate load positions from 
px 0 to 8x = .58b is more difficult as the question arises whether compari- 
~son should be made with semi-infinite or infinite beams. ° The ‘chart, | Fig. 4, 
for the load position of the author’s example, indicates that the curves for a 
CR scar beam of Bb = 4.0 and a compatible semi-infinite beam are alike for the _ 
-major portion of the curve and departures, beyond the value of x = .6, have ‘no- 


practical The curve for Ml, shown therein, i is for the load 

- sition of = = .25b only. For other load positions there are ire different values 
For the load position at Bx = =. ona beam of a finite length up to 


ee the coefficient Cp and the expression for bl changes also. 
2.0, the maximum bending moment is approximately the same as in 

= beam, on a beam of Bb = 2.5 as in an — — beam and ona beam 
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ot Bb = 6 the moment is 8% hi higher than in an infinitely lon beam. 
¥ apparent simple relationship exists between the type of loading, the length of — a 


a beam and its performance as a beam of infinite length or infinite stiffness, > 
a establishing of arbitrary limits for short, intermediate or long beams is —— 
In the appendix the s signs of V)A and VoB values, a as they first appear, are 
in the author’s system of Fig. 5, but in Table III in the system of reference | 
q (1). The deflections yA and Y1 due to A ag should have plus signs, yA — 
be approximately, equal to. .0003, and yA for the infinite beam should be equal 
to .499y; = .150 to agree with the values of constants given in Table Il. The 
sl shear to the left of point 1 by the author’s deflection curve is 17,200 pounds, 
approximately, if the correct value of k = 1360, compatible with other data _ 
given in the paper, were used. With k = 1500 the values of constants inthe _ 
| author’s Table II should be changed to correspond to Bx = 1.04 , 2.( 08, 3.12 and id 
4. 16, and the respective ‘corrections should be made in Table III. 
“Th practical design of statically indeterminate structures an accuracy of 5 
to 15 per cent, depending on various conditions, may be tolerated and claims — 
to a greater degree of accuracy can be usually | ‘repudiated by flaws, incon- _ 
and uncertainties in basic assumptions or computations. The 
-author’s claim of accuracy in computations may not be attained unless proper 
; precision in evaluation of B value is achieved. Thus, from development and = 
- composition of the basic equations it should be evident that an error of 3 aad 
| cent in B value will be reflected as the 3 per cent error in moment curve rei 
as the 9.27 per cent error in , all other computations: be- 


‘assumed to be perfect. us 


= a Computation of Redundants and Constants = 
The aut author’: s 11, 12, 1 13 and 414, for d different boundary conditions, 

. contain too many terms and may be expected to be a source of various errors 
which will be very difficult to detect. Actually the problem is less involved - 
in mathematics than represented by the formulas. For instance, if, in addition 
to continuous elastic foundation, the author’s beam were placed on unyielding 
‘simple su supports at the ends, solution would normally involve writing equations: 
for reactions Ra and Rg in the usual sinaanacea of solution for redundants, — 


‘nr 
rad aye 1000 2 177 at 


4 

Re 40,000 Cy, at pt. A - .045 ‘ 

Rs 40,000 Cp at pt. B <7.52 00795 Cy 

"Solution of Ly at pt. A=0Oand Zy at pt. B= 0 yields R Ra = = 1, 531 (up) and 


yi = -2,006 (down). Incidentally, by inspection of Figs. 2 and 6 deduction can 

_be made that an Lapras load has practically no effect on deflection at the other _ 
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of 
These data, processed in the previously described 
will give the new values of coefficients Cp and Ap. Obtaining deflection ome 


‘ficients for a finite beam simply supported at the ends i in addition to an 
elastic foundation is demonstrated in Table 3 below, where Column 1 values 


Columns 2 an 


- Deflections at points 1 and 3, Column 4, can can be found al also by the Maxwell’ Ss 


_7531 
000 


- which provides an independent check to computations in Table 3. _ The Ge- J 
~ flection coefficients, Ap, ‘of Column 6 can be now used in the writer’s Eq. (8) 


4 for beams with other values of ¥, », E and I provided the load position and _ 


_ the value of Bb remain the same. _ Extending computations of Table 3 to other 


Bb values will give the entire range e of Ap values for this particular loading» 
and conditions of supports, and a new chart may be drawn. Ina similar | 
manner charts of beam c coefficients ts may b be prepared for any | condition | of 


— 

t, Figure 5. 

a 

— 
F = 


DISC USSION 


Toading or supports, and a constant or variable degree of inde- 


_ terminateness the procedure remains the same, only the number of equations, © 
_ representing complete or partial fixity at ends or yielding of concentrated a 

supports, is increased. In conclusion, attention is drawn to the fact that so- a 
lutions of beams on elastic foundations made by any method are very valu- 


able, because the results can be easily transposed into forms of Eqs. (5) and — 7. 


(8) through (14) from which the coefficients can be readily obtained for use in — 
future designs. 


~In numerical example of the paper, the deflection 
diagram given in Fig. 8 is incorrect. Asa result, this diagram is incompati- 
_ ble with the Shear and Movement diagrams. A correct version of Fig. 8 is — 
submitted herein. The author is indebted to Mr. Victor R. Bergman for = 
bringing to to his attention the preceding error, 
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ONCRETE BEAMS ‘AND COLUMNS WITH BUNDLED REINFORCEMENT@ 
by Homer } M. “Hadley 


HOMER 1 M. 1. ASCE. —The writer is pleased to read this paper 
on the testing of bundled reinforcement not only in beams but in columns as — 
well. He has found bundling highly advantageous in beams on numerous oc- © 
casions, particularly in precast channel - shaped concrete sections for short- 
aa bridge decks wherein A.C.I. or AASHO bar spacing is peculiarly ill- 


adapted. There are probably several hundred of such short spans—16 ft. to 
«30 ft. long, 10 or fewer years old—installed and in service in various parts of 

Washington. . These have been made with four bundled bars in each leg of the — 

channel, bar size depending upon span length, with single- -bar stirrups looped a 
around the bundle at the bottom. The stems of the channel webs are usually 
given a 6 in. bottom thickness, 7 in, at top < at the underside of the slab. | These 


verall web thicknesses, in the case of the outer curb units, are initial - 


‘placed side by side, these and ; any ‘additional a are filled with 


_ Concrete and thereafter there is full cover of the bundle everywhere. 
_ There have been ; a few such small bridges on Federal Aid projects but not + 

many. After quite a number of small county bridges had been successfully | 

installed, permission was granted on a project having 28 twenty-foot trestle — 

spans to use the precast | units with 4-bar bundled reinforcement in each web. 

This project was likewise successfully installed and to the best of the exther’s e 
_knowledge has proven entirely satisfactory ever since. Unfortunately an engi- 
_neer from the Washington D. _C. office of the Bureau of Public Roads visited © 7 

“the project during construction and voiced some misgivings. about bundling. 
The local reaction immediately became adverse to the practice and per- | 

_ mission to bundle reinforcement was withdrawn for several years. It is the | 

writer’ s understanding that currently 3 bars may be bundled on local Federal 
Aid ee but not 4 bars. He is unable to explain the rationale of this rul- = — 
The California Highway Department has bundled 4 bars on Aid 

projects since 1949 and continues to do so. 


_ Not mentioned by the authors among the named advantages of | bundling is 
i - the fact that it affords opportunity for having the quantity of beam rein- a 

_ forcement conform roughly with the moment diagram, by ‘stopping off unneed-— 

ed steel areas somewhere near the points they become unneeded. In these 

: days of high-priced reinforcement, such savings can total aconsiderable sum [im 
| The original use of 1/2 in. sq. bars in contrast with 1 in. sq. bars was ei _ 

- demonstration of this fact. In the beam with the single 1 in. sq. = that bar 
a. Proc. Paper 1818, October, 1958, by N. W. Hanson and Hans Reiffenstuhl, 
L Cons. Engr., ‘Seattle, Wash. 


— 
— 
— 
ral 
| 
| 
nt af 
p 
| 


a 


7 had to. run through | from € end ©: end of the beam while with eo four 1/2 ‘sq. 


bars, bundled, only two of them carried through from end to end, 1 where, by 

_ Slightly offsetting them longitudinally | in the beam, we had as much effective 
bond area as the 1 in. sq. bar offered. 

<n The authors state in their Concluding Remarks that “bundling ‘of tension © 
reinforcement will not lead to detrimental consequences as comparedto _ 
spaced bars , if (1) th there are not more e than four touching bars in each mente, 
(2) bond stress computed on on the basis of external bar perimeter is limited to. 
the values now permitted for spaced bars, ice. 


‘Strictly limited to their test findings these statements are correct. At 7 


7 tention should be drawn to the fact, omar that they did ‘not test five or | Six- 


ble. 4 


down, in one bridge in beams of 9 in. wie , and 2- 2 from down ina 
‘second bridge in beams of the same 9 in. . width, No ill- effects have been ma 
served. In the latter case the two vertical tiers were not in contact with one 
_ another but there was considerably less than orthodox spacing between the _ 
- In the writer’s mind it has been the ioee -held and continued conception that | 
if the bars in a large bundle are successively well anchored in the concrete a 
_ at their ends so that they can there develop their designed stress, it then _ 
matters little how much or how little bond they have between these ‘terminal 
es It is at these end zones that anchorage is indeed vital. ‘The inter- 
mediate concrete is simply fireproofing or weatherproofing. With a dozen 
se ina bundle, with good plastic concrete and with vibration, the fines of 
~ the mortar will penetrate and fill the interstitial spaces of the bundle and he 
ford all needed protection. But the dozen bars must be well anchored at their 
«se several ends. About that necessity there must b be no misunderstanding. 
5 ‘The writer is ; particularly | pleased to see bundling applied to columns, al 
where it will unquestionably effect marked amprovement in economy and quali- 
ty. _ The contrasting column c: cross- ‘sections in Fig. 8 convincingly : show this. 
The authors and whoever else participated in this development are to be 
upon its excellence. 
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= 4 re a February ASCE Convention in Los Angeles. These sessions have been ar- — = 
ae a _ ranged to give an up-to-date account of the applications of the plastic method -& 
b of design. A feature of the meeting is that the applications of the plastic 
method are given in terms of three different materials; steel, concrete and = 
timber. The first session deals with the properties of these three materials 
and fundamental plastic design principles. The following three sessions con- _ P 
"a 7 _ cern the design applications and the fifth session is devoted to stability and ; a" 4 
_ dynamic considerations in plastic design, 
M, Wilson, Structural Division Local Chairman on Session Programs, 
and those who assisted him have prepared the following excellent program: 
Properties of Steel and Concrete and the Behavior of Str 
sa a 
— 


2. Plastic Design in Steel. 
Frederick W. Seats. |. ASCE, Civil, Engin 
a ing, Georgia Institute of Technology, Atlanta, Georgia. 
Status of Plasticity in ‘Structural Concrete Design. 


California. 


—A Factor in Timber Design. 
Benioff, Partner, King, Benioff & Associates, Consulting Engi- 


neers, Sherman Oaks, California, 


‘Tuesday Morning— -February 10. cas? 
CONCRETE 


* M. Ferguson, ASCE, Professor of Civil 
University of Texas, Austin, Texas, 


Richard R. Bradshaw, Consulting Structural Engineer, Van 


3. 3. Examples of Structures designed by Ultimate-Strength Theory. 
Robert A. Shoolbred, J. M. ASCE , Regional Structural 
Portland Cement Association, , Atlanta, Georgia. 
4 Limit Design, its Development and its Place in wanes Structural —s 
Concrete Design Practice. IG oho the 
- Alan H. Mattock, A. M. ASCE, Development Engineer, Portland oii! 
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Presiding: 
oi Plastic Redistribution of Moments in Reinforced Concrete Beams. 
laa Douglas T. Wright, J. M. ASCE, Professor of Civil Engineering ‘il 
of the Faculty of Engineering, Waterloo 


Carl Berwanger, Lecturer in Civil Engineering, University of aa 


2. of Slender Restrained Reinforced Concrete Columns. 


Bengt Broms, A. M. ASCE, & Production 


Ivan M. Viest, A 


Wayne Lewis, A. M. poy Forest Products Laboratory, 


- 1 Henry J. Degenkolb, M. ASCE, Partner, Gould & Degenkolb, 


Consulting San Francisco, California, ant 
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Structural D n 
ednesday Morning— -Fe br 


Ralph E. Boeck, M. ASCE, Professor r of g, Marquette 


University, Milwaukee » Wisconsin, — 


of Steel Construction, New York, N. 


_ George C. Driscoll, Jr., J. M. . ASCE, Research Assistant | Professor — 
in Civil Engineering, Fritz Engineering Laboratory, Lehigh Uni- = 


4 Examples of Plastically Designed Structures:- and Specifications 


‘Theodore R. Higgins, M. ASCE, Director of Engineering -and Re- 
_ search, American Institute of eal Construction, Inc., New York, 


ar STEEL- ‘STABILITY AN AND DYNAMIC RESPONSE 


Robert L. Ketter, J. M. ASCE, — is Head of Civ 

ing, The University of Buffalo, Buffalo, N. Y. 
_ Deflection ‘Stability of Frames under Repeated Loads. 
Popov, A. M. ASCE, Professor of Civil Engineering, Uni- 


Response of Elasto- Plastic Frames. 


Joseph Penzien, J. M. ASCE, ‘Associate Professor of Civil Engineer- 
ing, University of California, Berkeley, California. 
aa Hans H. Bleich, M. ASCE, Director, Institute of of Flight wih, 


L. Chief Engineer, P. Weidlinger, Consulting 

Engineer, New “York, N. Y. 

ASCE -IABSE MEETING 


‘The joint ASCE - IABSE meeting held during the October ASCE a . 


‘a New York City was a great success, Attendance at each of the eight: half 
day sessions was far greater than anticipated. ‘This n meeting 1 was a good ex- 

_ ample of what to expect in the way of interest and attendance when the mS 
Structural Division offers a strong well publicized program. ek : 
‘The technical sessions consisted of | papers on ity in steel, 
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anuar ry, 1959 
in dynamics fatigue of metals, stability problems, prestressed 
concrete, building frames and bridges. Most of the papers will be published — 
in future issues of the Division Journal. 
ce Congratulations a are in order for all those who worked on this veo 
and particularly for Mr. Leo H. Corning whose leadership provided the © 
ON NUCLEAR STRUCTURES AND MATERIALS 
"ai This committee was organized in| 1956 to assemble, study and | <a" the 
development of structural knowledge in the nuclear energy field. 
_ The Administrative Committee under Chairman Abbott Frank met in New | 7 
“York City o on | October 15, ‘1958 the ASCE Convention. _ The purpose 


ty and responsibility of each task committee. The Administrative — g 
. made up | of t the Chairmen of of the four task co committees active in this fi field: 


Hot Laboratories—Herbert M. Glen 
Structural Aspects of Nuclear It Insurance—Gibson Morris 7 7 


- Structural Materials in Reactor Design— Jerome M. ‘Raphael q 


ace 


_ All members of the e committee were present and each reported on ee work 
Mr. Goldberg reported that the Committee on Live Loads Due to Heat and 
"Incidence would concentrate on technical requirements dealing mainly with 


load criteria and their design. Some st also 


The Committee on Hot Laboratories under Mr. Glen is “a aii a 
‘Design Manual that should be ready this year. ‘This manual of approximately | 
100 pages will be of great interest and help to those w working inthis field. 
; _ Mr. Morris of the Committee on Structural Aspects of Nuclear Insurance pis 
_ reported on several points of nuclear insurance t that resulted from contacts 
with insurance companies, industry and government officials. Insurance | _ 
_ underwriters have prepared preliminary insurance policies and the National 
- Fire Protection Association has put out a code. One of | Mr. . Morris’ primary 
ppteetunes is, “What do ASCE members need to know about nuclear insurance ?” 
_ Perhaps some readers have some answers to this question. Mr. Morris oad 
Am _ felt that the scope of his task committee needed further definition and it was 


_ subsequently agreed that this committee should concentrate on government 4 
oes regulations and requirements on health physics, legal and economic matters. : 
_ The Committee on Structural Materials in Reactor Design is a new com-_ Ss 
“mittee and Chairman Raphael reported that he intended to call an organization-— ual 


al meeting of his task committee inthe near future, = 


: _ Finally there was some consideration and planning of the papers to be pre-— 
_ sented at the May 1959 ASCE Convention to be held at Cleveland. Three ee 
*% . sessions for this convention are to be the contribution of the Committee on _ 
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ASCE Structural Division 


COMMITTEE ON ELECTRONIC 


The Conference on Electronic Computation, held in Kansas City, re a 
turned out to be a success surpassing all the expectations of the Program © 
_ Committee. Final registration figures show 525 participants from 38 states. 
Ml and several foreign countries. In view of the great interest expressed inthe 
subject, the proceedings of the Conference will be published in the near || 
= At the time this article went to press | the manner of publications el 7 
not been determined, but an announcement will be forthcoming in the next _ 
eh of the Newsletter, | as v well as in in CIVIL ENGINEERING and other trade 
In addition to the 23 papers presented at the there were 
demonstrations of four commercial computers, seminars given by three of 
the computer manufacturers, and several Committee and Task Committee 
= _ “Shop talk” overheard in the corridors indicated that there is 
hardly a problem in structural that is not t being adagt ted 
in In conjunction with the Conference, the Committee on Electronic Compu- 
held its regular meeting on Wednesday, November 19. The 


= The Task Committee on Programming : and Coding had first 


ae drafts of a Glossary of Terms and a Manual of Practice, which are o 
now being circulated for review and will be published in the near future. 
- _ The Task Committee on Program Directory and Library has developed 


sample forms for describing structural ‘programs and will proceed ail 


3 3. Two new Task Committees met for the first t time. One Task Com-_ 
mittee will concern itself with the educational aspects of electronic — 
= computation, under the chairmanship of Mr. Elwyn H. King. The © et 
second will investigate the status of program interchange and is led = : 
_ Professor James Michalos. Complete statements of purpose of the 
— two Task Committees will appear in the next issue of the Newsletter. 
_ 4, The Committee is handling the program for two sessions at the - 
Cleveland Convention in May 1959. One session will be devoted to — 
“a4 further mathematical ul methods, while the sec second will cover applications 
Committee now has 50 affiliate members, who regularly receive 
correspondence, An effort will be made to encourage affili- 
7 ate members to cooperate more closely with the Task k Committees and 


thus further the Committee’s work. als 
a _ 6. The necessity of more active program interchange was thoroughly dis- = 
; _ cussed. It was felt that the Committee can be most active in the highest 
level of exchange, , that is of basic ideas and improved ‘methods of be 
7 - computation, — The lower levels, that is exchange of flow charts, ‘coding 
"methods and complete program listings involves considerably more > 
work, and was felt unnecessary by some members, ‘The possibility 4 


Ean a Computer Institute to handle such exchange was dis- - 


cussed, but it was pointed out that the funds to operate such an Institute a 
are lacking. _ ‘The publication of the Program abstracts by the —. 4 


on Program Directory and will show whether there 
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is enough interest in this information to warrant the establishment of 


aa 20988455 


amagencyto handle theirdissemination,9 = 


> i It was tentatively agreed that a second Conference will be held some- SE 
Ri. time in the Spring of 1960, to report on the new developments in the — 


art of electronic computation tothatdate. 


FIRST NATIONAL CONFERENCE ON FUNDAMENTAL IN 


highly. successful National Conference on Research in 
Plain Concrete, sponsored by the American Concrete Institute, American ae 
Society of Civil Engineers, National Science Foundation, Portland Cement A 
sociation, Reinforced Concrete Research Council, , and the University of 
- Illinois, was held at the Allerton Park Conference Center of the University y of | -“ 
Illinois on September 9 - 12, 1958. The chief topics of discussion were: 
_ Nature, Structure and Behavior of Concrete, Chemical Aspects of Concrete, - a 
Mechanical Properties and Failure, and Failure and Deterioration due to oun 
Other Than External Load. 
In became clear early in the conference that future progress in concrete a 
technology depends largely upon the successful application of the sciences of 
chemistry, physics, mathematics, mechanics and petrography in the study of 
concrete and especially the cement paste. A large amount of knowledge, al - 
— inadequate, is available concerning the behavior of concrete, but there 


Bese Chairman, Boris Bresler, Leo H. Corning, Gene M. Nordby, Georse 
W. Washa and Hubert Woods one of the 


zations. 


NEW Mt MONTHLY SCIENTIFIC PUBLICATION 
it will be of interest to our ur Division members to know that t the ieeten 
_ Geophysical Union is combining the scientific and technological material in 
_ its bimonthly TRANSACTIONS with the quarterly JOURNAL OF GEOPHYSI- 


CAL RESEARCH and will the JOURNAL OF GEOPHYSICAL RESEARCH 


u 
; ed should write to the office of the American ee Union, 1315 
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- = i interest to our membe JOURNAL is $16.00 00 per calen-— 
scription rate for ited. Membership 


STRUCTURAL DIVISION JOURNAL 


News items for the March issue should be submitted to the Newsletter _ 
- Editor before the end of January. Comments and suggestions | for the im “se 


Howard, Needles, Tammen & 
Church 


New York ‘Yor 
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